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Abstract 
 

There are approximately 4000 railway bridges in Sweden and a common construction type is the short 
span concrete trough bridge. With the current standards the load distribution through ballast is assumed 

to be uniformly distributed with a distribution slope of 2:1 according to the Swedish Administration 

of Transport or 4:1 according to Eurocode 1. Previous research shows that there are a lot of factors that 

affects the load distribution through the ballast and that the distribution rarely is uniform. Different load 
patterns on bridges can result in different responses in the structure and it is possible that a more 
optimized evaluation of the loads could reduce the internal stresses in the bridge. There are gaps in the 
current literature regarding the structural response to different load patterns on reinforced concrete 
trough bridges and this master thesis aims to further the research in this area.  

This report will consist of a literature study where load distribution in ballast is researched in order to 

find what different load distributions are common and how different parameters affects the load 
distribution through the ballast. Further, a non-linear FE-model of a typical trough bridge in Sweden 
that was located in Lautajokki will be developed using ATENA Science. The model will be complete 
with ballast, sleepers and rails and will be calibrated using the results from a previous full-scale test 
on the Lautajokki bridge. Four more models will be developed without ballast, sleepers and ballast 
where the load distribution instead is modelled directly on top of the slab of the bridge. These models 
will be compared to the model with ballast, sleepers and rail (called the Full model) to see what load 
distribution that is the closest to reality and how the behavior of the bridge changes depending on the 
assumed load distribution. The parameters that will be tested and compared during this master thesis is 
the maximum load capacity, the stiffness, the crack patterns, the stresses in the reinforcement, the 
moments and shear forces. The load distributions that are tested in this thesis is the Swedish standard, 
TDOK 2013:0267 (Trafikverket, 2019), the European standard Eurocode 1 (CEN-1991, 2003), a load 
distribution that is theoretical according to research done by Andersson (2020) (called Realistic load 
case), and one where the load is assumed to be partially uniformly distributed under the rail seats under 
a sleeper according to AREMA (2010) (called Partially distributed). 

The results showed that the realistic load case was the one that was the closest to the Full model since it 
was the closest load distribution to the Full model for the stiffness of the bridge, the maximum load 
capacity, the max stress in the reinforcement and the average shear force in the bridge. The only 
parameters where it was not the closest was for the maximum strain in the concrete and for the average 
moment in the bridge. This load distribution is however not realistic to use for designing bridges since 
the pressure distribution is so unnecessarily complex. When it comes to the Swedish standard it also 
followed the behavior of the Full model closely, it had capacities that were generally larger compared to 
the Full model, the only exception was the max axle load where it had 1.5% lower capacity. The 
Swedish standard was also the second closest to the Full model in all tested parameters except for the 
stiffness. Furthest from the Full model was the load distribution after Eurocode 1 which had the furthest 

values from the Full model in every tested parameter except for the average moment distribution in the 
bridge. Eurocode 1 also had lower capacities compared to the Full model for every tested parameter 
which means that this model probably underestimates the capacity of the bridge. The stiffness of this 
model was however one of the closest to the Full model. The Partially distributed load case had higher 
capacities compared to the Full model in every measurement. It also had a stiffness that was the stiffest 
for every measuring point compared to any other load case. This model can probably overestimate the 
capacity of the bridge.  
 
Since non-linear analyses takes a long time to perform linear analyses are more often used to design 
structures. To test how big the differences are between non-linear and linear analyses all load 

distribution models will also be run with linear elastic materials to compare the two FEM methods.  
The comparison between the non-linear analysis and the linear analysis showed that the linear elastic 
analyses give larger extreme values for both the moments and shear forces which is reassuring since this 
means that these values are on the safe side. The one exception is the transversal moments for the slab 
were the moments at the connection to the beam was greater for the non-linear analyses compared to 
the linear one.  



 
 

Sammanfattning 
 

Det finns ungefär 4000 tågbroar i Sverige och en vanlig typ är trågbroar. Trågbroar består av en platta 
som är buren av två balkar på var sin sida så att tvärsnittet bildar ett U. Denna utformning möjliggör att 

ballast kan placeras på bron men antagandet om hur lastspridningen genom ballasten ser ut skiljer sig åt 
mellan standarder och forskning. Den svenska standarden antar en jämn utbredd last med en 
lastspridnings vinkel på 2:1 genom ballasten medan Eurokod 1 antar en lastspridning på 4:1. Forskning 
visar att många faktorer påverkar hur lasten sprids genom ballasten och att den verkliga fördelningen 
ofta mer liknar en dubbelparabola än en jämnt utbredd. Det är möjligt att ett bättre antagande om 
lastspridningen i ballasten kan minska/ändra storleken av spänningarna i bron och med detta tillåta en 
högre last eller längre livslängd för trågbroar. Det saknas forskning om hur de olika antagandena av 
lastspridningen påverkar trågbroars kapacitet och målet med det här examensarbetet är att utöka 
forskningen inom detta område. 
 
Rapporten består av en litteraturstudie där lastspridning i ballast undersöks för att hitta olika 
lastspridningsmodeller som används och vilka olika parametrar som kan påverka lastspridningen. Efter 
detta arbetades en komplett FE-modell fram med ballast, sliprar och räl efter standardritningar från 
Trafikverket av en vanlig trågbro som var placerad på malmbanan i Lautajokki. Denna modell kallas 
(Full model). Bron testades på LuTH (nu LTU) 1996 och detta test kommer användas för att kalibrera 
FE-modellen tills modellens beteende är godtyckligt. Ytterligare fyra modeller arbetas fram utan ballast, 

sliprar och räl där i stället den antagna lastspridningen modelleras direkt uppepå broplattan. Dessa 
modeller jämförs sedan med modellen med ballast, sliprar och räl för att se vilken av 
lastspridningsmodellerna som är närmast det verkliga fallet. Parametrarna som testades och jämfördes i 
det här examensarbetet är den maximala lastkapaciteten, styvheten, sprickbildning i betongen, 
spänningar i armeringen, moment och tvärkrafter. Lastfallen som testades i detta examensarbete är den 
svenska standarden, TDOK 2013:0267 (Trafikverket, 2019), den europeiska standarden Eurocode 1 
(CEN-1991, 2003), en teoretisk lastspridning efter forskning som Andersson (2020) genomfört (kallad 

Realistic load case) och en där lasten är antagen att vara delvis jämnt utspridd under rälarnas position på 
sliprarna enligt AREMA (2010) (kallad Partially distributed).  
 
Resultaten visar att Realistic load case var den som lastspridningen som var närmast till Full model för 
styvheten, lastkapaciteten, maximala spänningen i armeringsjärnen och den genomsnittliga tvärkraften. 
De enda parametrarna denna modell inte var närmast på var maximala töjningen i betongen och det 
genomsnittliga momentet. Dock är denna lastspridning är inte realistisk att använda för att designa broar 
då den är onödigt avancerad. Den svenska standarden följer också beteendet av Full model väldigt nära, 
kapaciteterna är generellt sätt högre. Ett undantag är den maximala axellasten där den svenska 
standarden har en kapacitet som är 1.5% lägre än Full model. Den svenska standarden är den modellen 
som är näst närmast Full model i alla parametrar utom styvheten. Den modellen som var längst från Full 

model var Eurocode 1 som hade värden som var längst från Full model i alla testade parametrar utom 
det genomsnittliga momentet. Eurocode 1 hade också lägre värden än Full model i alla testade 
parametrar vilket visar att denna modell underskattar kapaciteten hos bron. Partially distributed hade 
högre kapacitet än Full model i alla testade parametrar och detta riskerar att den överskattar kapaciteten 
hos bron. 
 
Då ickelinjära FE-analyser tar lång tid att beräkna så används oftast linjära FE-analyser för att designa 
byggnadsverk. För att analysera hur stor skillnaden är mellan linjär och icke-linjär beräkning så har alla 
modellerna även blivit analyserade med linjärelastiskt material. Resultatet visade att linjära FE-analysen 
ger större extremvärden för både moment och tvärkraft vilket betyder att en linjär FE-analys är på säkra 
sidan. Ett undantag var momentet i tvärled i plattan vilket visade att momentet i anslutningen till balken 

var större för den ickelinjära FE-modellen.  
 

  



 
 

Abbreviations 
 

FE Finite element 
 

Notations 
 
s  Standard deviation 
 
m  Mean value 
 

n  Number/amount 
 
V  Coefficient of variation 
 
x  Concrete strength from one test 
 
fKK  Required calculated compressive strength according to Equation 7.3.3.3e or Equation 

7.3.3.3f in BBK 94 (1994) to be classed in a specific compressive strength class 
 
fTK  Required calculated tensile strength according to Equation 7.3.3.3c or Equation 7.3.3.3d 

in BBK 94 (1994) to be classed in a specific tensile strength class 
 
fcck Characteristic compressive strength for concrete according to BBK94 (1994) 
 
fctk Characteristic tensile strength class for concrete according to BBK94 (1994) 

 
fck,cube Characteristic compressive strength according to Eurocode 2 (CEN-1992, 2005) 

m3 is the mean value from a series of 4 test 

 
Ft, fcc Concrete tensile strength 
 
Fc, fct Concrete compressive strength 
 
Ec, E  Modulus of elasticity 
 
v  Poisson’s Ratio 
 
GF Fracture energy 

 
εcp Plastic strain 
 
fc0 Onset of crushing 
 
wd Critical Comp. Disp. 
 
f  Stress 
 

ε Strain 

 

𝜌  Heaviness 
 
p Distributed load 
 



 
 

A Area 

w width 

h Height 

l length 
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1 Introduction and Background 
 
 
Railways are a common way of transporting goods and passengers. The structure consists of the rails 

that supports the trains, the sleepers and the ballast layer. The rails are made from steel and they allow 
the trains to run smoothly on top of the structure. The rails also help to distribute the loads from the 
train down to the sleepers which in Sweden are commonly made from concrete or timber but can also 
be made from steel. The sleepers are placed on a layer of ballast which role is to further spread the load 
down to the substructure which can be more ballast or soil.  
 
To allow the railways to pass height differences in the terrain a bridge can be built. There exist 
approximately 4000 railway bridges in Sweden and around 1000 of these are of a type called the trough 
bridge. Trough bridges are often built of either steel or concrete and are defined as a slab that is 
supported by two beams on each side. The beams must be placed above the slab to be called a trough 

bridge. This shape is helpful for railway bridges since the beams support the ballast like a U shape 
container as shown in Figure 1 and helps the ballast to stays on the bridge. The advantages of having 
ballast on the bridge is that it helps distribute the loads down to the structure and to reduce the 
vibrations from the trains (Fridlund & Svensson, 1992). Some disadvantages of this system can be that 
the weight of the ballast increases the loads on the structure and increases the structures height which 
can in some cases cause problems (Fridlund & Svensson, 1992). 
 

 
Figure 1 - Common reinforced concrete trough bridge in Sweden (Sarmiento Nova, et al., 2021) 

 
One of the heaviest trafficked railway lines in Europe is the Iron ore line in Sweden that goes from 
Luleå to Narvik in Norway (Trafikverket, 2020). The part of the line that is in Sweden is presented in 
Figure 2. The railway line is used for both passenger trains and to transport iron ore from the mine in 
Kiruna to Luleå and from Kiruna to Narvik in Norway. The part of the route that is located in Sweden 
is 500 km long. It was originally built between 1883-1904 and was designed for an axle load of 14 ton 
(Coric, et al., 2018). After its completion, the increased mining operations of iron ore in Kiruna meant 
that the capacity of the railway had to be increased. The axle loads have been gradually increased to 25 
ton in 1955 and to 30 ton in 1998. There are currently ongoing studies on increasing the axle load 
further to 32.5 ton which would mean a capacity increase of 10% without having to increase the traffic 

on the railway line further (Trafikverket, 2020). Currently there are on average 26 trains per day 

carrying Iron ore between Kiruna and Narvik and 11 trains between Kiruna and Luleå. There are 
approximately 100 bridges along the Iron Ore line and many of them have been replaced or 
strengthened over the years to be able to carry the increased axle loads. The Swedish Administration of 
Transport has continuously assessed the capacity of the bridges along the Iron ore line to see if the 
bridges could carry increased loads without being strengthened or replaced. 
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Figure 2 - The iron ore line in Sweden (modified) (Trafikverket, 2020) 

 
Thun, et al. (1999) extracted concrete cylinders from 24 concrete bridges along the iron ore line. The 

bridges were designed with a concrete strength class of K40-K45 according to the old Swedish standard 
BBK 94 (1994). The test showed that the concrete compressive strength had increased to a class of K80 
for 46 % of the bridges, K70 for 25 % of the bridges, K60 for 17% of the bridges, K55 and K50 for 12 
% of the bridges. This shows a significant increase in concrete strength for most of the bridges 
compared to what they originally were designed for. 
 
A different study was performed by Paulsson, et al. (1996) who tested a bridge along the Iron Ore line 
in a full-scale test at LTU 1996. The old swedish codes, BBK94 (1994), suggested that the weakest 
point of the bridge would be fatigue but the results from the test showed that the bridge had both a 
fatigue and ultimate strength that exceeded what the old swedish codes suggested. This showed that 
some aspect of the codes needs calibration and that the bridge could carry a larger load than the codes 
suggested. 
 
Another crucial part in designing bridges that have a layer of ballast on top of the slab is how the load 
distribution is assumed to be in the ballast. Large differences can be observed when comparing different 
codes, for example, Eurocode 1 (CEN-1991, 2003) assumes a uniform distribution from the sleeper 
down to the ballast and a continuous uniform distribution through the ballast down to the slab with a 
distribution slope of 4:1. Meanwhile the Swedish standard, TDOK 2013:0267 (Trafikverket, 2019), 

also assumes a uniform distribution through the ballast but with a distribution slope of 2:1. Standards 

Australia (2003) and AREMA (2010) assumes a load that is partially uniformly distributed under the rail 
seats of the sleeper and no load in the middle of the sleeper. Experimental tests have shown that the 
load distribution is more of a double parabolic shape instead of the uniformly distributed load 
(Andersson, 2020)(Sadeghi, 2005) (ORE, 1968) (Kennedy Jr & Prause, 1978) (Shenton, 1978) (Zakeri 
& Sadeghi, 2007) (Le Pen, 2008) (Navaratnarajah, et al., 2018) (Piaxâo, et al., 2018). Further, there are 
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a lot of factors that affects the shape of the load distribution which means that the distribution might 
not always be the same.  
 
There is gap in the research regarding how different load distribution assumptions affect the capacity of 
reinforced concrete trough bridges and this thesis goal is to further the research in this area. This 

includes to numerically test if different load distribution assumptions through the ballast changes the 
ultimate capacity of a reinforced concrete trough bridge. Also, to check how the shear force- and 
moment-distributions change depending on the assumed load distribution. This will be performed with 
a non-linear Finite Element (FE)-model using the program ATENA Science. The crack patterns on the 
concrete, stresses in the reinforcement and the change in stiffness of the structure with different load 
distributions will also be compared for the different load distributions.  
 

1.1 Aim, objectives, and tasks 
 
The Aim of this thesis is to improve the accuracy of current methods to evaluate of the true capacity of 
concrete trough bridges, which in many cases is higher compared to what the design codes suggest. This 
can hopefully result in the increase of axle loads on the track and/or extending the lifespan of the bridges.  
 
The main objectives of the thesis are to increase the understanding of how different load distributions 
affects the structural behavior of a concrete trough bridge and to possibly find what load distribution 
assumption trough the ballast is the closest to reality. The following tasks will help achieving the 
objectives: 
 

• Perform a literature study on different load distributions to find what different load distributions 
are possible and what factors that affects the load distribution.  

• Create a non-linear FE-model in the program ATENA Science that is calibrated after a 
structural test on a reinforced concrete trough bridge to check how the load is distributed 

through the ballast and how the structure responds to the loading. This model will be 
calibrated to behave as close as possible as the structural test.  

• Create four more FE-models with no ballast, sleepers or rail modeled. The assumed load 
distribution through the ballast will be modelled directly on top of the slab. These models can 
then be compared to the first model with ballast, sleepers and rails to measure the differences to 
the real case.   

• Further, linear analyses are commonly used when designing structures and to compare how 
close the linear analyses are to the non-linear all models will also be run with linear elastic 
material. 

• Two conference papers have been published with a summary of some most important findings 
and these are presented in this report as Annex 5 – Conference paper ESREL 2021 and Annex 
6 – Conference paper IABSE 2022. 

 

1.2 Hypothesis and research questions 
 
The following research questions will be researched in this master thesis: 
 

• Which is the load distribution pattern through the ballast of a concrete trough bridge obtained 

using Finite Element Modelling? 

• Do different load distributions influence … 

o … the maximum capacity of the bridge? 

o … the crack patterns on the bridge?  

o … the stresses in the reinforcement? 

o … the moments and shear forces in the bridge? 

o … the stiffness of the bridge? 

• How does the non-linear analysis compare to a linear analysis? 
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1.3 Limitations 
 

This master thesis is based on one full scale test on a reinforced concrete trough bridge that was 
performed at LTU in 1996 by Paulsson, et al. (1996). This test was used to calibrate a FE-model until 
the behavior of the model was satisfactory to the full-scale test. One limitation is that only one full-scale 

test of this kind has been performed and because of this, there are some uncertainties on how 
representative this test is to other bridges of the same kind. This uncertainty has been investigated by 
including some studies on the concrete strength and behavior of other reinforced concrete trough 
bridges in Sweden. The full-scale test performed by Paulson, et al. (1996) also lacks documentation for 
some parameters of the materials that was used during the test. These values had to be tested with a 
benchmark process in the FE-model to investigate how the different unknown parameters affects the 
behavior of the model. This was done until the behavior of the model is at an acceptable level 
compared to the physical test. Examples of values that were missing that had a large impact on the 
model was the parameters for the support mats that the bridge was placed on, the fracture energy of the 
concrete and the modulus of elasticity for the concrete. This made the development of the FE-model 
more difficult since many of the parameters had to be changed to find what made the bridge behave 
according to the physical test and this might result in some of the parameters not being accurate. 
 

1.4 Structure of thesis 
 
2. Literature review 
Literature study on ballast load distributions. The aim with the literature review was to find different 
load distributions to test with the non-linear FE-analysis and to find what parameters that affects the 
load distribution through ballast. 

 
3. Description of experimental tests 
Description of relevant experimental test that was be used to calibrate the FE-model. Some data on 
other reinforced concrete trough bridges was also researched to show how representative the 
experiment is to other bridges of this kind in Sweden. 
 
4 Finite element analyses 
This chapter presents the model definition of the non-linear FE-models and the how the sensitivity 
analysis of the model was performed.  
 
4.1 Theory 
Basic theory on numerical methods and materials that is used by ATENA Science to perform a non-

linear FE-analysis. 
 
4.2 Model definition 
Definition of the different models that were analyzed, the geometry, materials, boundary conditions, 
loads, mesh size, monitoring points, calculation methods and convergence criteria’s are all presented in 
this chapter. 
 
4.3 Sensitivity analysis 
In this chapter a summary of the calibration of the models are presented, how different unknown 
parameters changed the behavior of the bridge and how the final model was decided on. 
 

5 Results and Interpretations 
All the results are presented in this chapter and comparisons are made between the different models. 
 
6 Conclusions 
The final conclusions and answers for the research questions asked in chapter 1.2 Hypothesis and 
research questions. 
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 2 Literature review 
 

2.1 Load distribution in ballast 
 

In this chapter different assumptions in codes and from different experimental results regarding the load 
distribution through the ballast will be investigated to find what different distributions can be assumed 
and what affects the load distribution. 
 

2.1.1 Factors affecting the load distribution through ballast 
 
Ballast has a very important role in a railway track, it helps to spread the load down to the substructure 
and supports the sleepers and rails to counteract displacements of the track (Witt, 2008). One important 
factor affecting the load distribution through the ballast is the contact pressure between the sleepers and 
the ballast, which can be impacted by how the sleeper is seated in the ballast and the degree of 
compaction of the ballast (Aursudkij, 2007). The contact area of the pressure is important to determine 
the way how the load is transferred from the sleeper the ballast and to minimize the deterioration of the 
ballast. With low contact percentage between the sleepers and the ballast the pressure is increased on 
the parts that are carrying the load (Witt, 2008) (Sol-Sanchez, et al., 2015) (Indraratna, et al., 2014). 
Witt (2008) suggests that the normal case where the sleeper is place directly on top of the ballast, the 

contact area between the ballast and the sleeper is around 3-4% of the sleeper area. This can however 
be increased to nearly 30% if under sleeper pads (USPs) are used (Witt, 2008). Navaratnarajah, et al. 
(2018) has studied the effects of under sleeper pads and confirms that the contact area under the sleeper 
is increased when USPs are used and that the pressure on the ballast can therefore be reduced. This is in 
agreement with Indraratna, et al. (2014) who tested the effects of using USPs and under ballast mats 
(UBMs). Their findings showed that both the implementation of USPs and UBMs could reduce the 
stresses in the ballast as well as the sub-ballast, which is a second ballast layer under the first one and 

helps spread the load even further down to the soil. Their test also showed that the reduction of stresses 
leads to a reduction in degradation of the ballast which ultimately reduces the need for maintenance.  
 
Navaratnarajah, et al. (2018) tested the degradation of the ballast and how USPs could be used to 
reduce the deterioration of the ballast under cyclic loading. The test was performed with ballast being 
divided in three different layers, top, middle, and bottom. The particle size was measured before and 
after the fatigue test which was performed with 500 000 loadings with an axle load of 25-ton. The 
pressure was also measured with pressure plates at the bottom of each layer. The test showed that the 
pressure in the ballast was reduced with the largest difference being in the top layer where the 
reduction was 12 %. The middle layer had a decrease of 10 % and the bottom layer a decrease of 9.5 %. 
The same test was also performed for an axle load of 35-ton and the reduction in stresses for this test 

was measured to be 10 % in the top layer, 8.5 % in the middle layer and 8 % at the bottom layer. The 
ballast particles with the USPs also showed less degradation than the one that had no USPs. 
 
Navaratnarajah, et al. (2018) also tested the effects of USPs with a 3D FE-analysis. The analysis was 
performed with the software ABAQUS. The model was run with an axle load of 25- and 35-ton with 
load frequencies of 15 and 20 Hz, for a fatigue test with 500 000 loadings. The results showed that 
USPs reduced the stresses significantly. The vertical strain for the 25-ton axle load was reduced by 19-
29% and around 21 % for the 35-ton axle load. The deformations in ballast could also be reduced by 9-
14 % for the 25-ton axle load and 9-11 % for the 35-ton axle load.  
 
There exist different types of USPs. The difference is often measured in stiffness which is defined as 
N/mm3 and different stiffnesses of USPs have different effects on the ballast sleeper contact pressure. 

Sol-Sanchez, et al., (2015) have tested this and showed that softer pads, which are defined as having a 
stiffness of 0.10-0.15 N/mm3, helps to reduce the stresses in the ballast in a greater degree than stiffer 
pads. This is the case since the softer pads increase the contact pressure between the sleeper and the 
ballast to a larger degree than the stiffer pads. Stiffer pads do however help to increase the stiffness of the 
track and this reduces the vibrations and noise from the track when a train pass. It also exists USPs 
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which have medium stiffness, and these have been found to be good middle ground since they have the 
effects of both softer and stiffer pads. 
 
Another factor that affects the load-distribution is the material used for the ballast. Esmaelili, et al. 
(2017) performed a field test where different ballast materials were used to measure the difference in 

behavior. Steel slag- and limestone-ballast were used, and the results showed that the limestone ballast 
had a 1.39 times greater contact pressure between the sleeper and the ballast compared to the steel slag 
one. Rail support modulus can be used to measure how much force that is required to cause a unit 
deflection in the ballast and the results show that the steel slag ballast had a 1.64 times greater rail 
support modulus than the limestone ballast which leads to the load being supported by a fewer number 
of sleepers. 
 

Andersson (2020) created a FE-model of a trough bridge with ballast and sleepers to determine how the 
load is distributed through the ballast. The pressure on the bridge deck was analyzed with a ballast 
thickness of 0.6 m and 1.0 m. The pressure distribution was found to be more uniformly distributed for 
the thicker ballast layer compared to the thinner one in which the distribution had a double parabolic 
shape in the transverse direction. 
 
The sub-structure under the track also affects the load-distribution in the ballast, more specifically the 
transition zone between two substructures with different stiffnesses. Ballast on bridges can often be in 
worse condition than the rest of the track and this can be because of the transition zone between a 
softer substructure of soil and a stiffer substructure of, for example, concrete (Piaxâo, et al., 2018). 
Piaxâo, et al. (2018) tested to add USPs in the transition zone between the different sub-structures and 
found that the USPs reduced the degradation of the ballast. Witt (2008) created a FE-model in which 
he analyzed the pressure in ballast at the transition zone between two different substructures. One 
substructure was soil, and this is the softer substructure and the other is made of concrete and is the 
stiffer substructure. The author found that the increase in pressure in the ballast can be more than a 

factor of two for the ballast that is placed on the stiffer substructure. This is a reason for the increased 
ballast degradation in the beginning of bridges. Witt (2008) also found that the transition zone from soft 
to stiff is worse than the transition zone from stiff to soft.  

 
The maintenance of the track is also important since it can lead to uneven stiffness in the ballast 
underneath the sleeper and uneven pressure between the sleeper and the ballast. This can in turn lead to 
uneven load distribution through the ballast layer (Esveld, 2001). Fouling is a common maintenance 
issue which can be described as filling the voids in the ballast with smaller material and this can lead to 
an increase in the stiffness of the track (Bassey, et al., 2020). Bassey et al. (2020) also stated a couple of 
resons for the natural occurance of fouling: the breakage of the ballast particles themselves, 
contaminants that have entered the ballast during its service life, or shipping/transportation. Nurmikolu 
(2012) has also researched fouling and found that the contact area between the sleeper and the ballast 
can be greatly influenced by the degree of fouling. The author found that the sleepers often lacked 
support at the ends which led to the stresses in the sleeper to be more center bound. For severe cases 
the sleeper even lacked support under the rail seat. 
 
Some parameters have not shown to affect the load distribution pattern, for example Sadeghi (2005) 
tested the stress distribution under a sleeper and found that the train does not affect the load distribution 
pattern. The pressure pattern obtained had a double parabolic shape for all the tests, the magnitude of 
the load did however change depending on the speed of the train. Some other aspects that do not affect 
the load distribution pattern is sleeper type and track stiffness, these does however affect the magnitude 

of these forces (Sadeghi, 2005) (Zakeri & Sadeghi, 2007). 
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2.1.2 Transversal load distribution 

2.1.2.1 Theoretical/Experimental studies 
 
Sadeghi (2005) summarizes some different load distributions from both theoretical and field tests that 

can take place for different ballast conditions under the sleeper, see Table 1.  
 

Table 1 - Different theoretical load distributions (Sadeghi, 2005). 

  
 
Talbot (1980) has done a similar summary of different load distributions under the sleeper that he found 
could be assumed, see Figure 3. 
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Figure 3 - Theoretical load distributions (Talbot, 1980 ) 

The load distribution pattern under a sleeper is assumed to be uniformly distributed through the ballast 
in the European standard, Eurocode 1 (CEN-1991, 2003). However, studies have shown that the load 

distribution rarely is uniformly distributed and often is more of a double parabolic shape or a w-shape 
where the maximum load can be found under the rail seat (ORE, 1968) (Kennedy Jr & Prause, 1978) 
(Shenton, 1978) (Zakeri & Sadeghi, 2007) (Le Pen, 2008) (Navaratnarajah, et al., 2018) (Piaxâo, et al., 
2018).  
 
Andersson (2020) investigated the load distribution shape through the ballast on a 4 m reinforced 
concrete trough bridge using a FE-analysis. The entire structure was modelled including the sleepers 
and rails. The author tested two different load cases. For the first case the load was placed longitudinally 
on the rail between two sleepers. For the second case the load was placed on top of one sleeper. The 

pressure distribution in the transverse direction on the slab of the bridge when the load is placed on the 
rail directly above one sleeper is shown in Figure 4 to the left and when the load is placed between two 
sleepers is shown in Figure 4 to the right. The model was also analyzed with two different thicknesses 
of ballast, the solid lines is with 0.6 m ballast thickness and the dashed lines is with 1.0 m ballast 
thickness. The results clearly showed a more uniform distribution for the thicker ballast layer but also 
confirmed the double parabolic shape for a ballast layer of 0.6 m. Further, the peaks of the load 
distribution were a lot lower for the ballast layer with a 1.0 m thickness since the load had a more even 
distribution. The pressure in the figures was measured on the top of the slab. 
 

  
Figure 4 - Vertical pressure distribution transversal direction (Andersson, 2020) 
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2.1.2.2 Design codes 
 

Eurocode 1 (CEN-1991, 2003) presents two ways of deciding the pressure distribution from the 
sleepers on to the ballast. The cases are differentiated by how the ballast is compressed. The first case is 
when the ballast is only compressed under the rail seats on the sleeper and the assumed load distribution 
for this case is presented to the left in Figure 5. The second case is when the entire surface of the ballast 
under the sleeper is compressed. The load distribution can in this case be assumed to be uniformly 

distributed under the entire surface of the sleeper according to the right in Figure 5. The distribution 
slope through the ballast is assumed to be 4:1 in both cases. Both cases also have a horizontal vector for 
the load distribution called Qh and these are applied if the track is in a curve. For this thesis, the track is 
straight and not in a curve so the only vector that is applied is Qv and this results in the distribution 
being uniformly distributed. 

 
Figure 5 - Load distribution through the ballast when the ballast only is compressed under the rails according to Eurocode 1 

(CEN-1991, 2003) 

The American Railway Engineering Maintenance-of-way Association (AREMA) assumes a pressure 
distribution according to Figure 6 (AREMA, 2010). The pressure distribution has a double parabolic 
shape that is simplified with a uniformly distributed load that has the length Leff. Leff is calculated as 1/3 
of the length of the sleeper and is acting at the ends of the sleeper where the load is assumed to be the 

largest. 𝐹𝑚𝑎𝑥
𝑑  is the load from the rails on the sleeper. 

 
Figure 6 - Assumed pressure distribution according to AREMA (2010) 

 
Standard Australia (2003) has a similar distribution as the AREMA (2010) but the distance Leff is called a 
according to Figure 7. Standard Australia (2003) also makes a difference for sleepers depending if it is a 
standard/broad-gauge sleeper or a narrow-gauge sleeper. A gauge sleeper is seen as standard/broad if 
the distance between the rails is longer than 1.5 m and narrow if the distance is between 1.5 m and 1.0 
m. The distance a is the length of the distributed load and is calculated according to Equation 1 for a 
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normal/broad gauge sleeper and according to Equation 2 for the narrow sleeper. The distance L is the 
length of the sleeper and the distance g is the distance between the rails according to Figure 7.  
 

𝑎 = 𝐿 − 𝑔    (1) 
 

𝑎 = 0.8(𝐿 − 𝑔)   (2) 
 

 
Figure 7 – Load distribution assumption according to the Australian standards (Standard Australia, 2003). 

 
 

2.1.3 Longitudinal load distribution 
 

2.1.3.1 Experimental studies 
 

The longitudinal load between sleepers can be assumed to be distributed according to Figure 8 
according to the U.S Army Corps of Engineers (2000). This case is valid when the axle load is placed 
directly on top of a sleeper. U.S Army Corps of Engineers (2000) underlined some important aspects 
that affect the load distribution, such as the size of the axle load, track design and track condition. 

 
Figure 8 - Assumed longitudinal distribution for a track in good condition according to (U.S. Army Corps of Engineers, 2000) 

 
Andersson (2020) tested how the difference in load position in the longitudinal direction changed the 
pressure pattern with a FE-analysis. The author tested two different load cases where first the load was 

placed on a rail between sleepers and the other test where the load was placed on top of one sleeper. 
The loading on top of one sleeper resulted in pressure longitudinally across the bridge according to 
Figure 9. The test was done with two different thicknesses of ballast, the solid lines are for a ballast 
thickness of 0.6 m and the dashed lines are for a ballast thickness of 1.0 m. There are also a grey and a 
black distribution for both cases of ballast thickness, called p1 and p2 in Figure 9. p1 measuring line is 
placed on the slab in the longitudinal direction directly under the rail seat and p2 on the slab directly 
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under the middle of the sleeper. The dashed lines clearly give a more distributed pressure over the area 
with a lower peak stress under the load compared to the 0.6 m ballast thickness. 
 

 
Figure 9 - Vertical pressure on the slab when the axle load is placed on top of a sleeper (Andersson, 2020) 

 
Andersson (2020) also implemented a second load case where the load was placed on the rail in 
between two sleepers. The pressure distribution in the longitudinal direction across the bridge slab is 
presented in Figure 10. The test was performed with two different thicknesses of ballast, the solid lines 
is with 0.6 m ballast thickness and the dashed lines is with 1.0 m ballast thickness. The same behavior 
can be observed for this diagram where the peak loads are a lot lower for the thicker ballast layer. It is 
also clear that the worst placement of the load is when the load is placed directly on top of one sleeper 
and not in between two for the 0.6 m thick ballast layer. This is clear since the peak pressure in Figure 

9 is higher compared to the peak pressure in Figure 10. For the ballast thickness of 1.0 m the difference 

is not as clear, and the pressure is almost the same for both load cases. One interesting fact for the 1.0 m 
thickness is that the peak pressure is in between the sleepers while for the 0.6 m is directly below the 
sleeper positions. 
 

 
Figure 10 - Vertical pressure across the bridge when loaded two sleepers (Andersson, 2020) 

 
Profillidis (2006) suggests that the load can instead be assumed to be distributed across 5 sleepers with 
the distribution being 7 %, 23 %, 40 %, 23 % and 7 % of the total axle load according to Figure 11. 
Lichtberger (2005) suggest a load distribution that is very close to this and suggests a distribution 
according to Figure 12. 
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Figure 11 - Pressure distribution according to (Profillidis, 2006) 

 

 
Figure 12 - Load distributions (Lichtberger, 2005) 

 

2.1.3.2 Design codes 
 
Mundrey (2017) presented the longitudinal pressure distribution through ballast according to the Indian 
standard according to Figure 13, in which the values in the ballast corresponds to the percentage of 
average pressure in the ballast. A clear spike can be seen under the sleepers that decreases with the dept 
of the ballast.  
 

 
Figure 13 - India railways longitudinal distribution pressure trough the ballast layer (Mundrey, 2017) 

 
The load distribution in the longitudinal direction for one axle load can according to Eurocode 1 

(CEN-1991, 2003) be assumed to be distributed between the three sleepers according to Figure 14. 
Half of the axle load is assumed to be distributed to the sleeper directly below the axle load and ¼ of 
the load to the two adjacent sleepers. a in the figure is the distance between sleepers and Qvi is the load 
from one axle load. 
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Figure 14 – Longitudinal load distribution according to Eurocode 1 (CEN-1991, 2003) 

Further, Eurocode 1 (CEN-1991, 2003) specifies that the load from the sleepers down through the 
ballast can be assumed to be uniformly distributed. The load can also be assumed to be distributed with 
a distribution slope of 4:1 according to Figure 15. b is the width of the distributed load after it has been 
distributed through the ballast. 
 

 
Figure 15 – Longitudinal load distribution through the ballast according to Eurocode 1 (CEN-1991, 2003) 

The Swedish standard TDOK 2013:0267 (2019) has a similar approach to Eurocode 1 (CEN-1991, 
2003) when it comes to the distribution percentage of the axle loads to the sleepers from the rail. Two 
additional cases are also presented in the Swedish standard, one is when the load is placed between two 
sleepers on the rail which results in the load being equally distributed between the two sleepers 
according to the middle case in Figure 16. This contradicts what Andersson (2020) found with his FE-
analysis which showed that the maximum pressure was reduced when the load was placed in between 
two sleepers if the ballast layer was 0.6 m. The case to the right in Figure 16 is not used in this case 
since the rails are continuously welded. 
 

 
Figure 16 - Axle load distribution between sleepers, Q shows the placement of the axle load (Trafikverket, 2019) 

The load distribution slope is also assumed to be different in the Swedish standard when compared to 
Eurocode 1 (Trafikverket, 2019). The assumed distribution in the Swedish code is 2:1, both 
transversally and longitudinally and are presented in Figure 17. Another difference that can be observed 
in the transversal direction between the Swedish standard and Eurocode 1 is the assumed length of the 
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distribution under the sleeper. The Swedish standard assumes a shorter distance under the sleeper 
(2.25m) while the Eurocode assumes the full length of the sleeper. 

 
Figure 17 - Load distribution through the ballast according to the Swedish standards, measurement in meters (Trafikverket, 

2019) 
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3. Description of experimental tests 
 

3.1 Full scale bridge test by Paulsson, et al. (1996) 
 

The axle loads on the iron ore line in Sweden has been increased several times since its completion 
1904. One of these increases was in 1998 where the allowed axle load was increased from 25-ton to 
30-ton. To allow an increased axle-load the capacity of the existing bridges along the line had to be 
evaluated. One of the tests that was financed by the Swedish Administration of Transport was a full-
scale bridge test on a 30-year-old concrete trough bridge that was located in Lautajokki. The test was 
carried out at LuTH (now LTU) in 1996 by Paulsson, et al. (1996). The bridge was designed from 
Swedish standard drawings from the 1960s and these drawings are presented in Annex 1 – Old 
Drawings of the Lautajokki bridge. Since these drawings are old and unclear, a remake of the drawings 
was completed at the beginning of this thesis and the complete in scale drawing is presented in Annex 2 
– Digitalized drawings of the Lautajokki bridge. The remake of the drawings for the plan-view and the 
sections A, B and C is presented in Figure 18, Figure 19, Figure 20 and Figure 21, respectively.  

 

 
Figure 18 - Plan-view of the bridge (not in scale) 
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Figure 19 - Section A in Figure 18 (not in scale) 

 

 
Figure 20 - Section B in Figure 18 (not in scale) 

 

 
Figure 21 - Section C in Figure 18 (not in scale) 



17 
 

3.1.1 Test setup 
 
The full-scale bridge test had a test set-up according to Figure 22 (Paulsson, et al., 1996). The 
documentation of the test-setup is brief in the report which unfortunately means that some information 

was not documented from the test. Some examples of the missing information are the loading rig (what 

hydraulic press was used, qualities of steel, cross sections) and some concrete strength information (like 
what fracture energy the concrete had). The axle loads from the train were simulated with steel 
cylinders of unknown size that were placed with the distances that axles are placed on a train carrying 
iron ore, see Figure 23. The distance between the sleepers were not documented but the standard 
distance in Sweden is 0.6 m (Trafikverket, 2020) and this is the assumed distance that was used for the 
test. The exact placements of the sleepers are also unknown but with the assumed distance of 0.6 m the 
total number of sleepers can be calculated with Equation 3. 
 

𝑇𝑜𝑡𝑎𝑙 𝑙𝑒𝑛𝑔𝑡ℎ

𝑆𝑙𝑒𝑒𝑝𝑒𝑟 𝑑𝑖𝑠𝑡𝑎𝑛𝑐𝑒
+ 1 =

7.2

0.6
+ 1 = 13   (3) 

 
This seems to be a realistic number since the distance to the last sleeper is shorter than the rest 
according to Figure 22. The bridge was placed on rubber mats on the supports with a large stiffness to 
minimize the rotation at the supports. The parameters of these mats are unfortunately unknown. A 
metal plate was used to hinder the ballast from falling out at the ends of the bridge, colored blue in 
Figure 22. 
 

 
Figure 22 – Set-up for the full-scale bridge test (Paulsson, et al., 1996). 
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Figure 23 - Test set up for the full-scale test of the Lautajokki bridge, placements of the sleepers are assumed 

 
According to Trafikverket (2019) the standard rails that should be used on the Iron ore line is a type 
that is called 60E1. It is assumed that this rail type was used during the test of the Lautajokki bridge 
since its common on the Iron Ore line (Dahlberg & Jangenstål, 2016), the measurements for this rail are 
presented in Figure 24. 

 

 
Figure 24 - Measurements of a 60E1 rail (LKAB, 2017) 
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The ballast used on the test wasn’t recorded but a thickness of the ballast layer is at least 0.5 m in 
Sweden (Trafikverket, 2019) and this is measured to the top of the sleeper. The thickness of the ballast 
layer on the Iron ore line is not constant according to Dahlberg & Jangenstål (2016) and in this thesis a 
thickness of 0.6 m has been assumed. 
 

To measure the deformation of the bridge during the test LVDT monitors were used. The placements 
of the monitors from a plan view are presented in Figure 25. Monitors with the letter “V” in the 
beginning of their name measured the deformations vertically and monitors with the letter “H” in the 
beginning of their name measured the deformations horizontally. Figure 26 shows the placement of the 
monitors in the middle of the span and Figure 27 shows the placement of the monitors at the support. 

 
Figure 25 - Plan-view of monitors according to Paulsson et al. (1996) 

  

 

 
Figure 26 - Placement of LVDT sensors in the middle of the span according to Paulsson et al. (1996) 
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Figure 27 - Placement of LVDT sensors at the support (Paulsson, et al., 1996) 

 
 

3.1.1.1 Material data 
 

3.1.1.1.1 Concrete 
 
The bridge was designed with a concrete class K40 according to the old Swedish codes BBK94 (1994). 
To test the actual concrete strength in the Lautajokki bridge, cylinders were drilled from both the slab 
and the beams. The cylinders had a diameter and height of 100mm, and these cylinders have the same 
capacity as a 150mm cube according to Paulsson, et al. (1996). The method that was used to test the 
compressive strength was a cylinder press. To test the tensile strength both a fracture test and a single 
axis tension test was performed. The results from the tests are presented in Table 2.  

 
Table 2 – Tested concrete strengths from the Lautajokki bridge, fcc is the measured concrete compressive strength from the 

test, fct is the measured tensile capacity from the test, m is the mean value, s is the standard deviation, V is the variation 
coefficient 

 
 
The mean value is calculated according to Equation 4 where fi is the concrete strength for respective 
test and n is the number of tests for respective test (cylinder, single axis or fracture test). 
 

𝑚 =
∑ 𝑓𝑖

𝑛
    (4) 

 

The standard deviation is calculated according to Equation 5 where fi is the concrete strength, n is the 
number of tests for respective concrete capacity and m is the mean value calculated with Equation 4. 
 

𝑠 = √
∑(𝑓𝑖−𝑚)2

𝑛−1
   (5) 

 

fcc [MPa] m  [MPa] s  [MPa] V [-] fct [MPa] m  [MPa] s  [MPa] V [-] fct [MPa] m  [MPa] s  [MPa] V [-]

69.9

70.8

78.2

66.5

69.3 3.93

74.1 4.67

74.0 2.9 5.19

77.8 2.91 3.89

80.3

83.4 3.64 - - -
-Beam -81.9

72.6 4.2 0.06

Tensile capacity (s ingle axis )Construction 

part

Tensile capacity (fracture tes t)

Slab

Compress ive capacity (cylinder)

0.6 0.14

2.9 - -

4.4
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The coefficient of variation V is calculated according to Equation 6 where s is the standard deviation 
and m is the mean value calculated with Equation 4. 
 

𝑉 =
𝑠

𝑚
    (6) 

 
A summary for the results from the concrete strength for the Lautajokki bridge test is presented in 
Table 3. 
 

Table 3 - Measured strength of the concrete 

 
 
The concrete compressive strength class according to the old Swedish standard can be calculated with 

Equation 7.3.3.3e in BBK94 (1994) and with Equation 7.3.3.3f in in BBK94 (1994). This is called 
method B and one more method exists which is called A, but for this case method B is the limiting 
factor and is therefore the only one that is presented. The equations are presented below. 
 

𝑚 ≥ 𝑓𝐾𝐾 ∙ 𝑒
1.4∙𝑠

𝑚  𝑀𝑃𝑎 (Equation 7.3.3.3e in BBK 94 (1994)) 
 

𝑥 ≥ {
𝑓𝐾𝐾 − 5
0.8𝑓𝐾𝐾

 𝑀𝑃𝑎  (Equation 7.3.3.3f in BBK 94 (1994)) 

 
were, 
m, is the mean value from all tests 
x, is the strength from one test 
s, is the standard deviation from all tests, the compressive strength must be at least 2 MPa and the tensile 
strength must be at least 0.3MPa 
fkk is the required value according to Table 4 to be classed in a compressive strength class 
 
The values for the different concrete strength classes, both tensile and compressive, according to 
BBK94 (1994) is presented in Table 4 where fKK is the required calculated compressive strength with 
Equation 7.3.3.3e or Equation 7.3.3.3f in BBK 94 (1994)).  
 
 

Test s iz e [-] Average [MPa]

Beam

Compressive strength 8 81.9

Slab

Compressive strength 2 72.6

Crack strength 4 4.4

Single-axis tension strength 2 2.9
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Table 4 - Concrete strengths for an existing concrete structure according to BBK 94 (1994) 

 
 
 
The concrete strength class for Lautajokki is calculated with Equation 7.3.3.3e and Equation 7.3.3.3f in 
BBK94 (1994) with the values from Table 3 in Equation 7,8 and 9. The value that is used to class the 
concrete strength is the lowest result from Equations 7, 8 and 9. 

 
72.6

𝑒
1.4∙4.2

72.6

≥ 𝑓𝐾𝐾 → 67.0 𝑀𝑃𝑎 ≥ 𝑓𝐾𝐾  (7) 

 

66.5 + 5 ≥ 𝑓𝐾𝐾 → 71.5 𝑀𝑃𝑎 ≥ 𝑓𝐾𝐾  (8) 
 

66.5

0.8
≥ 𝑓𝐾𝐾 → 83.1 𝑀𝑃𝑎 ≥ 𝑓𝐾𝐾  (9) 

 
Equation 7 gave the lowest value which is 67MPa. With this compressive strength class, the concrete is 
in strength class K80 according to Table 4. The mean value of the compressive strength for the slab, 
which was 72.6 MPa for a 150 mm cube, corresponds to a concrete strength class of C50/60 according 
to Eurocode 2 (CEN-1992, 2005). The required values for respective strength class according to 
Eurocode 2 is presented in Table 5. The mean value of the concrete according to Eurocode 2 (CEN-
1992, 2005) can be calculated for respective strength class according to Equation 10.   

 

𝑚 = 𝑓𝑐𝑘,𝑐𝑢𝑏𝑒 + 8 𝑀𝑃𝑎   (10) 

Were 
fck,cube is the characteristic compressive strength according to Table 5 
 

K8 7 T1.0 0.9

K12 10 T1.5 1.3

K16 13 T2.0 1.7

K20 17 T2.5 2.1

K25 21 T3.0 2.5

K30 25 T3.5 2.8

K35 28 T4.0 3.2

K40 32

K45 36

K50 40

K55 44

K60 47

K70 54

K80 62

TensileCom press ive

Concrete 

s trength clas s

Concrete 

s trength clas s

fTK [MPa]fKK [MPa]
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Table 5 – Concrete strength classes according to Eurocode 2 (CEN-1992, 2005) 

 
 
Fracture test of concrete is usually converted to tensile capacity when testing cylinders with a diameter 
of 150 mm or 150 mm cubes (Ljungkrantz, et al., 1994). This is supposed to be done at the normal age 
which is defined as 28 days after the concrete was cast. The diameter of the concrete samples is a major 
factor affecting the crack strength of a cylinder and according to Ljungkrantz (1994) the difference 
between a 100 mm cylinder and a 150 mm cylinder is that the 100 mm radius has an avrege increased 
strength of 7 %. The tensile strength is also on average only 80% of the fracture test. The tensile 
strength of the concrete can therefore be calculated by multipling the fracture strength test with 0.8 and 

divide it by 1.07. The tension strength for the fracture strength test is calculated with Equation 11. 
 

4.4 ∙
0.8

1.07
= 3.3 𝑀𝑃𝑎   (11) 

 
The tensile capacity of the concrete can be calculated according to BBK94 (1994) with the equations 
below. There are two methods for calculating the tensile capacity according to BBK94 (1994), method 
a and method b. For this case method a is the one that gives the limiting results and is therefore the 
only one that is presented. 
 

𝑚3 ≥ 𝑓𝑇𝐾 + 0.5 𝑀𝑃𝑎 (Equation 7.3.3.3c in BBK 94 (1994)) 
 

𝑥 ≥ {
𝑓𝑇𝐾 − 0.6
0.8 ∙ 𝑓𝑇𝐾

 𝑀𝑃𝑎 (Equation 7.3.3.3d in BBK 94 (1994)) 

 
were, 
m3 is the mean value from a series of 4 test 

x, is the strength from a single test 
fTK, is the required value according to Table 4 to reach a tensile strength class 
 
The single axis tension test gave the lowest tensile capacity, and these values are used to calculate what 
concrete tension class the concrete in the bridge has.  
 

2.9 − 0.5 ≥ 𝑓𝑇𝐾 → 2.4 𝑀𝑃𝑎 ≥ 𝑓𝑇𝐾  (12) 
 

2.9 + 0.6 ≥ 𝑓𝑇𝐾 → 3.5 𝑀𝑃𝑎 ≥ 𝑓𝑇𝐾  (13) 
 

2.9

0.8
≥ 𝑓𝑇𝐾 → 3.6 𝑀𝑝𝑎 ≥ 𝑓𝑇𝐾   (14) 

C12/15 15 23 1.1 1.6

C16/20 20 28 1.3 1.9

C20/25 25 33 1.5 2.2

C25/30 30 38 1.8 2.6

C30/37 37 45 2 2.9

C35/45 45 53 2.2 3.2

C40/50 50 58 2.5 3.5

C45/55 55 63 2.7 3.8

C50/60 60 68 2.9 4.1

C55/67 67 75 3.0 4.2

C60/75 75 83 3.1 4.4

C70/85 85 93 3.2 4.6

m  [MPa] m  [MPa]

TensileCom press ive

fck,cube 

[MPa]

Concrete 

s trength clas s

fTK [MPa]
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The limiting factor is calculated in Equation 12 to 2.4 MPa which corresponds to a tensile capacity of 
T2.5 according to Table 4 (BBK94, 1994). 
 
A difference between BBK94 (1994) and Eurocode 2 (2005) is that Eurocode 2 also have a tensile 

strength that is connected to the compressive strength. The mean value for the tensile capacity of 
concrete of class C50/60 is supposed to be 4.1 MPa which the concrete in the slab does not reach. 
With the mean value from the single axis tension test the tensile capacity of the concrete reaches a class 
of C30/37 according to Eurocode 2 (CEN-1992, 2005), see Table 5 for the required values to reach a 
concrete strength class. 
 

The modulus of elasticity for the concrete, 𝐸𝑐, was not tested for the Lautajokki bridge but it can be 
estimated with the concrete compressive strength according to Collins and Mitchell (1991) with 
Equation 15. With an average compressive strength of fcc = 72.6 MPa this results in a modulus of 
elasticity of 35.2 GPa which is what the elastic modulus of the bridge is assumed to be. 

 

𝐸𝑐 = 3320 ∗ √𝑓𝑐𝑐 + 6900   (15) 

 
Eurocode 2 (CEN-1992, 2005) assumes an average modulus of elasticity of 37 GPa for a concrete 
strength class of C50/60 and an average modulus of elasticity of 33 GPa for a concrete strength of 
C30/37. 
 

3.1.1.1.2 Ballast 
 
The ballast used during the test was not documented but according to the Swedish Traffic 
Administration the ballast can be assumed to have an elastic modulus of 50 MPa if it is firmly 
compressed (Trafikverket, 2019). The ballast is assumed to have a thickness of 0.6 m. Other studies 

have shown an elastic modulus of between 150 and 350 MPa is possible (Kumaran, Menon, & Nair, 
2003). 

 

3.1.1.1.3 Reinforcement 
 
The reinforcement used in the Lautajokki bridge was of class K40 (Paulsson, et al., 1996). Elfgren 
(1972) tested the capacity of reinforcement according to this standard and found that the yielding point 
for a diameter of 16 mm varied between 413 MPa and 490 MPa. The mean value from this test was 
440 MPa and this is the value that will be assumed that an average reinforcement bar in the Lautajokki 
bridge has. A test on the reinforcement bars with the same quality in a bridge in Örnsköldsvik has also 
been tested and the mean value for the yielding was 440 MPa for both the 16 and the 25 mm bars 
(Elfgren et al., 2008). Elfgren et al. (2008) also tested the breaking point of the reinforcement bars, and 
this showed that the bars with a diameter of 25 mm reached their ultimate capacity at 706 MPa and the 
bars with a diameter of 16 mm reached their ultimate capacity at 738 MPa. 
 

 3.1.2 Loading of the bridge 
 

3.1.2.1 Preloading 
 
The condition of the bridge was visually observed before any loading to be good with no visible cracks. 
The bridge was first loaded up to a total load of 600 kN per hydraulic press cylinder, which 

corresponds to an axle load of 300 kN, to check how the supports deformed and to see the initial 
reaction of the bridge (Paulsson, et al., 1996). The load displacement curve for the sensors in the 
middle of the span is displayed in Figure 28 and the deformation that was permanent after the 
unloading was only the deformation in the rubber mats at the supports which was measured with the 
vertical sensors at the support. This means that there was no permanent damage on the bridge after the 
preloading. 



25 
 

 
Figure 28 - Load displacement for the middle sensors for pre-loading of the test, deflection on the horizontal axis in [mm] and 

total load on one hydraulic press cylinder on the vertical axis in [kN] (Paulsson, et al., 1996) 

 

3.1.2.2 Fatigue test 
 
The bridge was after the preloading tested in fatigue since the old Swedish standard BBK94 (1994) 
suggested that this was the weakest point of the bridge, specifically the connection between the beams 
and the slab (Paulsson, et al., 1996). The bridge was loaded with 6 million load cycles with an axle load 
that varied between 50 and 360 kN (Paulsson, et al., 1996). The loading was done at a speed of 1.6 

cycles per second which corresponds to a train speed of 70km/h. The total loading that the bridge 
experienced during the fatigue test is equal to 30 years of traffic on the bridge with 200 000 ore 
carriages per year (Eight trains a day passes on average carrying iron ore and every train has 68 
carriages). The load displacement chart for the fatigue test is presented in Figure 29. The fatigue test 
showed some permanent damage on the bridge with cracking being documented on bottom of the 
slab. Since there were ballast on the top of the slab no cracking could be observed or documented on 
these parts. Figure 29 shows that the stiffness of the bridge constant for most of the test with marginal 
reduction at the end. 
 

 
Figure 29 - Fatigue displacement for the Lautajokki bridge test, deformation on the vertical axis in [mm] and the number of 

load cycles on the horizontal axis (Paulsson, et al., 1996) 

 

3.1.2.2 Max load test 
 
After the fatigue test a static maximum load test was performed. The test showed that the stiffness of the 
structure was constant until an axle load of 600-700 kN were the stiffness changed and gradually 
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decreased as the axle loads increased to a maximum of 875 kN. The maximum axle load of 875 kN was 
held constant for 70 minutes and this further increased the deformations by another 3 mm. This might 
indicate that the reinforcement had started to yield which made the deformations increase while the 
load was kept constant. The load displacement chart for the sensors in the middle of the span is 
presented in Figure 30 and the load displacement chart for the vertical sensors VA1 and VA2 at the 

support is presented in Figure 31. Both vertical sensors start with measurements at around -0.45 and 0.8 
respectively and this deformation is what was permanent after the fatigue test. This is therefore the 
rubber mat that has some permanent deformations and some rotation of the bridge at the support is 
permanent. The horizontal sensors HA1 and HA2 at the support is presented in Figure 32 and the 
horizontal sensors at the middle of the span, HE1 and HE2, is presented in Figure 33. 
 

 
Figure 30 – Displacements in the middle of the span, the vertical axis shows the axle load [kN] and the horizontal axis the 

deformations in [mm] at respective measuring point (Paulsson, et al., 1996) 

 
Figure 31 - Load displacement chart for the vertical monitors at the support, the vertical axis shows the axle load [kN] and the 

horizontal axis the deformations in [mm] at respective monitor (Paulsson, et al., 1996) 
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Figure 32 - Load displacement chart for the horizontal monitors at the support, the vertical axis shows the axle load [kN] and 

the horizontal axis the deformations in [mm] at respective monitor (Paulsson, et al., 1996) 

 
Figure 33 - Load displacement chart for the horizontal monitors in the middle of the span, the vertical axis shows the axle load 

[kN] and the horizontal axis the deformations in [mm] at respective monitor (Paulsson, et al., 1996) 

 

 

3.1.3 Hand calculations for the capacity of the bridge 
 
The Swedish codes have gone through some major changes since the bridge was built in the 1960s. 
The biggest change is the difference in the shear capacity of the concrete. According to Swedish design 
codes for concrete (1949) the shear capacity of concrete class K40 was 0.85 MPa. This value was 
reduced to 0.5 MPa in 1968 in Sweden when the new standard B7 (1968) was published. The reason 
for the reduction of the shear strength was mainly because some non-shear reinforced beams failed in 
shear in the United States. BBK 79 (1988) and BBK 94 (1994) reduced the allowed shear strength even 
further down to 0.48 MPa (Fling, et al., 1996). The bridges that were cast before 1968 has no shear 

reinforcement since the concrete was assumed to have a greater shear capacity. 
 
Paulsson et al. (1996) also performed some estimate calculations for the strength of the Lautajokki 
bridge. It is important to mention that these calculations are only an estimate where the authors assume 
that the self weight of the bridge is carried by the reinforcement in the longitudinal direction of the 
bridge and the transversal reinforcement carries all the axle loads in the transversal direction to the 
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beams. The slab is assumed to be simply supported at the beams with no support in the transversal 
direction. This allows the moment capacity to be calculated as a simply supported beam. The authors 
also note that the slab can be assumed to be partially fixed to the beam in reality which would result in 
lower moments in the middle of the span. The beams were also assumed to be simply supported and 
the the axle loads from the trains were applied as point loads at their respective position longitudinally 

on the beam. A summary of the results from the calcualtions are presented in Table 6. The bending 
moment capacity in the slab had the lowest capacity with real material data and it is estimated to start 
yieling at an axle load of 1.00 MN. There are also large safty factors on the capacity of concrete which 
can be seen in the difference between the prescibed values and the real material data in Table 6 for the 
shear failure in the slab which is purely calculated based on the shear strength of the concrete. The 
bending failures are instead decided on the yielding strength of the reinforcement which have lower 
safty factors. The full calculations are persented in Annex 4 – Hand calculations according to BBK94 
(1994). 
 

Table 6 - Estimation of the capacity of the bridge, values are given as axle loads in [MN] (Paulsson, et al., 1996) 

 
 

3.2 Concrete strength increases on concrete bridges in Sweden by Thun, et al. 
(1999) 
 
To evaluate the possibility of increasing the axle loads on the Iron ore line in Sweden some studies have 
been performed to test the concrete strengths of the bridges along the line. Thun, et al. (1999) 
performed concrete cylinder tests on reinforced concrete trough bridges along the iron ore line to 
check if the concrete strengths had increased. The results showed that every bridge tested had 

significantly increased concrete strengths compared to the prescribed values. The results from the seven 
bridges tested are presented in Table 7 (Thun, et al., 1999). All tested bridges were designed with a 
concrete strength class of K40-K45 according to the old Swedish standard BBK 94 (1994). The test 
showed that the concrete compressive strength had increased to a class of K80 for 46 % of the bridges, 
K70 for 25 % of the bridges, K60 for 17% of the bridges, K55 and K50 for 12 % of the bridges. The 
results also showed that the slabs generally had 10% lower concrete strength than the beams. This shows 
a significant increase in concrete strength for most of the bridges compared to what they originally were 
designed for. From this test it was clear that more bridges besides the Lautajokki bridge had increased 
concrete strengths which means that the Lautajokki bridge is representative for bridges from that era. 
 

Bending failure 

in the slab

Shear failure in 

the slab

0.87

Prescibed 

material data

Real material 

data

1.32

0.66 1.00

1.680.44

Bending failure 

in the beam
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Table 7 - Results from concrete strength tests on other bridges along the iron ore line in Sweden, m is the mean value, s the 
standard deviation and V is the coefficient of variation (Thun, et al., 1999) 

 
 
 
Thun et al. (1999) have also summarized the characteristic compressive class that was calculated from 
the concrete strength tests, both compressive (fcck) and tensile (fctk), for 24 different bridges along the 
iron ore line. The corresponding concrete strength class according to BBK94 (1994) has also been 
calculated by Thun et al. (1999) and the results are presented in Table 8. 

f cc [MPa] m [MPa] s [MPa] V [-] f ct [MPa] m [MPa] s [MPa] V [-]

68.4 2.281

78.7 3.162

71.9 2.31

88.3 4.06

77.3 3.6

84.5 3.82

74 2.766

77 3.76

69.7 3.304

74.3 3.76

70 4.31

61.3 3.27

77 3.89

86 3.49

75.4 3.09

71.7

61.2

63.8 2.715

53.9 3.261

55.6 2.968

71.2 2.72

65.5 2.53

59.1 4.07

Compression capacity (cylinder) Tension capacity (single axis)

0.5 0.194

73.6

68.5 6.62 0.1

0.060.233.827

0.1520.4983.277

Bridge

73 5.23 0.07 2.584Boden C

5.779.5

61.3 7.1 0.12

0.27

0.092

0.138

0.115

Bensbyvägen

83.4 5.59 0.07

0.843.1070.096.0565.3

3.78 0.52

0.43.49

0.053.67

Kallkällevägen

Haparandavägen

Notviken

Gammelstad

Garnisonsgatan

2.981 0.273

0.07
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Table 8 - Increased concrete strength for bridges along the Iron ore line and their respective concrete strength class according 
to BBK94 (Thun, et al., 1999) 

 
 

  

Svartholmsundet K80 59.9 - 2.25

Svartbyträsket K55 36.2 - 2.25

Avan K70 53.8 - 2.25

Svartbäcken K80 54.7 - 2.25

Edbäcken K70 48.2 - 2.25

Krokträskbäcken K80 54.4 - 2.25

Tjäruträskbäcken K80 52.1 - 2.25

Lommebäcken K50 38 - 2.25

Kvarnbäcken II K70 48.6 - 2.25

Harrbäcken K60 44.1 - 2.25

Loubmetjokk K80 57 - 2.25

Kaartibäcken K50 35.3 - 2.25

Pirtijoki K70 49.1 - 2.25

Venetjoki II K60 44.2 - 2.25

Båthubäcken K80 64.3 - 2.25

Leipipirijoki I K80 50.4 - 2.25

Leipipirijoki II K60 44.8 - 2.25

Boden C K80 57.5 T2.0 2.19

Garnisonsgatan K80 66.1 T4.0 3.7

Kallkällevägen K60 45.4 T2.5 2.76

Gammelstad K80 59.8 T3.0 2.94

Notviken K70 52.2 T3.5 3.46

Haparandavägen K80 62.6 T3.5 3.3

Bensbyvägen K70 49.9 T2.5 2.36

Concrete 

strength class

Characteristic 

compressive 

class, f cck [MPa]

Concrete 

compressive 

strength class

Characteristic 

tensile class f ctk 

[MPa]

Compressive TensileBridge
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4 Finite element analysis 
4.1 Theory 
 

4.1.1 General 
 
Finite element modeling (FEM) is a numerical method to solve partial differential or integral equations. 
The basis for the method was firstly presented by Turner et al. (1956) and the development of the 
method continued into the 60s. The method has since then been developed and become more 
advanced and useful with the rapid development of computing power which is required for the method 
to become useful.   
 
The theory behind the numerical method is that an object of interest is divided into smaller elements 
called finite elements, this division is called discretization. A finite element model can be one-, two- or 
three dimensional and is constituted by nodes and elements that create a mesh. A higher number of 
elements, normally, gives a higher accuracy on the calculations. FEM is commonly used since it is 
cheap and can give fast and close to reality estimations of the behavior of structures. For example, 
testing the ultimate capacity of a structure in a full-scale laboratory test costs a lot while a FE-model is 
cheaper and gives a good estimation of what the capacity is. Another reason for why FEM is commonly 
used is the wide range of applications, from complex geometry and boundary conditions to complex 

loading, dynamics of heat transfer and electrostatic fields. To keep in mind is that the calculations are 
only approximate, computational error in the calculations can accumulate during the computation and 
faulty modelling can have large impact on the accuracy of the model. 
 

4.1.2 Linear and non-linear FEM 
 
There exist two types of FE-analysis in structural engineering, linear and non-linear. The linear analyses 

are mostly used for getting the different stresses in a structure when the material is linear elastic while a 
non-linear analysis is preformed when the non-linear behavior of the material is investigated 
(Sundquist, et al., 2007). The overall difference between linear and non-linear FEM is that a linear 
model is only accurate if there is small differences in stiffness during the analysis. The linear analysis also 
takes no consideration to changes in loading direction during the loading and materials only have their 
linear elastic properties and this is the reason for the method only being for small deformations and 
strains.  
 
For the non-linear FEM the displacements do not need to be small since the calculation considers the 
difference in loading direction while the structure deforms under the loading. Non-linear FEM can also 
estimate the ultimate capacity of a structure since it can predict the materials non-linear behavior and 
simulate how they break. 
 
For this thesis the non-linear FEM program ATENA Science is used to analyze the behavior of the 
bridge. ATENA Science uses GiD as its preprocessor and the model is then exported to ATENA 
Science when the calculations begin. The versions for Gid and ATENA Science that was used for this 

thesis was GiD 13.4 and ATENA Science version 5.7.0. 
 

4.1.2.1 Newton Raphson 
 
One numerical method that can be used to calculate non-linear FEM is the Newton Raphson method. 
Loads are applied incrementally with small magnitudes. The loads are applied at every calculation step, 

the program then assumes a solution to solve the differential equation and iterates the value until the 
convergence criterion is reached and the program then continues to the next calculation step. The 
convergence criterion checks norm of deformation changes, norm of the out of balance forces, out of 
balance energy and out of balanced forces. The convergence criterion is default set to 0.01 but can be 
changed. For the next increment of the calculation the program bases the position of the different 
elements and nodes from the last calculation step (Cervenka, et al., 2020). ATENA also has a 
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calculation method called Modified Newton-Raphson Method that assumes that the stiffness matrix 
that is calculated at the first iteration is the same one for the rest of the iterations until convergence is 
achieved. An example of the Modified Newton-Raphson Method is presented in Figure 35. When a 
comparison is made between Figure 34 and Figure 35 it is clear that the modified version of the 
method requires more iterations to converge than the original method. This is however not important 

since every iteration can be completed at a much quicker pace and with this the total time for the 
convergence (calculation) can be reduced (Cervenka, et al. 2020). 

 
Figure 34 – Representation of the Newton-Raphson method (Cervenka, et al., 2020) 

 

Figure 35 – Representation of the Modified Newton-Raphson Method (Cervenka, et al., 2020) 

 

4.2.2.2 Arc-length method 
 
Another numerical method that can be used to solve non-linear FE-models is the Arc length method. 
This method has risen in popularity because of its superior results in calculations where Newton-
Raphson method has failed. The Newton-Raphson method has problem calculating problems where 
the curve goes backwards or has a slope downwards also called snap-back behavior. The main 
difference from the Newton-Raphson method is that the Arc Length method alters the loading and the 
displacement after each calculation step while the Newton-Raphson method applies a constant loading 
increment for each step (Cervenka, et al., 2020). A representation of the arc length method is presented 

in Figure 36 where 𝜆 is the load increment, 𝑝 is the displacement and 𝑅 is the fictious radius of the arc. 
The method searches for the next point on the radius of the arc from the last point that was calculated. 
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Figure 36 - Representation of the Arc-Length Method (Cervenka, et al., 2020) 

 

4.1.3 Material assumption in the FE-analysis 
 

4.1.3.1 Concrete 
 
The concrete used for the FE-analysis was generated after the material that is called cementitious 2 in 
ATENA Science. The behavior of the concrete before any cracks appear is assumed to be linear elastic. 
Concrete is an anisotropic material, and it has uniaxial stress-strain behavior that is presented in Figure 
37. When the model is unloaded the stress and strains return with a linear function to the origin, shown 

in Figure 37. When the model is reloaded the stress and strain curve follows the linear curve back until 
it reaches the point where it started, and the stress-strain law starts following the curve again. The right-
side vertical axis shows the behavior in tension while the left side shows the behavior in compression. 

 
 

 
Figure 37 - Uniaxial stress-strain law for concrete (Cervenka, et al., 2020) 

 
For concrete in tension, it can be assumed that a linear stress-strain behavior takes place until the 

concrete cracks, this is shown in Figure 37 where the elastic behavior is during the Material state 

number 1 and the slope being marked as 𝐸𝑐.  
 
When tension cracks appear, we are in the material state number 2, see Figure 37. ATENA simulates 
the crack behavior after a crack opening law according to Figure 38 that is based on a fictitious crack 
model that assumes the behavior between the strain, crack width and the fraction energy. The fracture 
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energy is called Gf and is defined as the energy that is required to make a stress-free crack in a unit area 

(element). Wc is the crack width and 𝑓𝑡
′ is the stress that is required to crack the concrete. 

 
 

 
Figure 38 – Exponential crack opening law (Cervenka, et al., 2020) 

 

ATENA uses smeared crack approach for modeling cracks with two different approaches, the fixed 
crack model and the rotated crack model (Cervenka, et al., 2020). For both models the cracks form 
when the principal stress exceeds the tensile strength of the concrete. Smeared cracks means that the 
crack is assumed to be equally distributed over element where the crack appears. The fixed crack model 
decides the crack direction by the direction of the principal stress at the moment when the crack 
appears. This direction will stay constant even as the stresses are increased. The principal strain axis is 
however not locked in place and they will generally continue to rotate and the difference in axis 
orientation between the strain and crack will create shear stress, see Figure 39 where the shear stress is 

presented as the letter 𝜏. 
 

 
Figure 39 – Visual representation of a fixed crack model (Cervenka, et al., 2020) 

The rotated crack model differs in that the stress is not locked in the position where the first crack 
appears which means that both the strain and stress rotate together, represented in Figure 40. This 
means that if the strain axis rotates the crack will rotate with the axis and no extra shear forces are 
created (Cervenka, et al., 2020). 
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Figure 40 - Visualization of the rotated crack model (Cervenka, et al., 2020) 

 
During material state 3 in Figure 37 the compressive strength of the concrete is increasing until it 

reaches the maximum value, 𝑓𝑐
′𝑒𝑓

, where the peak stress is reached. After that the crushing of the 

concrete begins at Material stage 4 and the decline of the compressive strength is linear.  
 
ATENA uses a biaxial failure function for the compressive failure behavior of concrete according to 

Kupfer, et al. (1969) (Cervenka, et al. 2020). The behavior is presented in Figure 41 where 𝜎𝑐1 and 𝜎𝑐2 

is the principal compressive strength of concrete and 𝑓𝑐
,
 is the uniaxial cylinder strength. When the 

concrete is in a compressive-compressive state the strength is predicted by an assumed proportional 
stress path and when it’s in a compressive-tension state the function continues linearly from the point 

𝜎𝑐1 = 0 and 𝜎𝑐2 = 𝑓𝑐
′ to the drawn-out function in the diagram. From Figure 41 it is clear that the 

compressive strength of the concrete is increased if compression is acting in both directions while the 

compressive strength is reduced if there is tension in the other direction. 
 

 
Figure 41 - Biaxial compressive strength (Cervenka, et al., 2020) 

 
Rankine-Fracture Model for Concrete Cracking is used in ATENA and this means that the program 
assumes that strains and stresses are converted into the material directions. This means for the fixed 

crack model that the directions are given at the point where the first crack appears and for the rotated 
crack model it is the direction of the principal direction of the stresses and strains. 
 
Menétrey-William failure surface is used for calculating the concretes plastic behavior during crushing. 

The position of failure surfaces is not fixed but can be moved depending on hardening/softening 
relationship that is based on uniaxial compressive tests. 
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4.1.3.2 Reinforcement 
 
Reinforcement in ATENA can be modeled as discrete or smeared (Cervenka, et al., 2020). The 

discrete reinforcement offers a powerful tool where every reinforcement bar can be modeled with their 
exact position and form. The reinforcement is calculated as a 1D element which can take both tension 
and compression. The smeared reinforcement can be modelled as a layer. The same stress-strain law can 
be used for both models. ATENA offers two different stress-strain laws for the reinforcement, the 
bilinear stress-strain law, and the multi-line law. The bilinear law is closer to the assumed behavior of 

reinforcement for hand calculations. The rebars are linear elastic until they start yielding and after that 
they keep the stress constant while the strains increase, shown in Figure 42. 
 

 
Figure 42 - Linear stress strain law (Cervenka, et al., 2020) 

The multi-line law simulates the behavior that reinforcements have in reality with the four different 

stages that are Elastic state, Yield plateau, Hardening and Fracture. The different stages are shown in 
Figure 43 where 0-1 is the Elastic state, 1-2 is the Yield plateau, 2-3 is the Hardening stage and 3-4 is 
the Fracture stage (Cervenka, et al., 2020).  
 
 
 

 
Figure 43 - Behaviour of reinforcement according to the multi-line law (Cervenka, et al., 2020) 

 

4.1.3.3 Elastic material 
 
Since the concrete is not good at taking very concentrated loads this might create some problems for 
the modelling of the support conditions or point/line loads. When this is the case, an elastic plate can 
be modelled to help spreading the load over an area of concrete to avoid the load or support to punch 
trough the concrete and create unrealistically high strains at these points. The material is linear elastic 
and does not have a failure criterion (Cervenka, et al., 2020). 
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4.1.3.4 Soil-rock material 
 
The soil rock material is a plastic model that uses Ducker -Prager yield condition model that is based on 

a similar formulation as the concrete. The hardening and softening of the material are based on a 
parameter, k, that is selected so that the peak pressure of a surface passes through the uniaxial 
compressive strength. The hardening /softening law is based on uniaxial compressive strength, shown 
in Figure 44. Failure surfaces doesn’t have a fixed position and changes depending on the 
hardening/softening parameter. The equivalent plastic strain dictates the plastic strain hardening 

according to the equation below. 
 

∆𝜀𝑒𝑞
𝑝

= min (∆𝜀𝑖𝑗
𝑝

)   (16) 

 

 
Figure 44 - Linear softening according to the Ducker-Prager material in Atena (Cervenka, et al., 2020) 

 

4.1.4 Boundary conditions 
 
Boundary conditions can be modeled as prescribing displacements which are of the Dirichlet type. The 
other type of support condition is the load boundary conditions and these are based on von Naumann 
type boundary condition. Boundary conditions can only have one of either Dirichlet or Naumann at a 
time. Some of the math will be explained below to better understand the basics of the boundary 
conditions. Let K be the stiffness matrix, u the nodal displacement vector and R the vector of nodal 

forces. 𝑢 is divided into 𝑢𝑁 which is the Naumann boundary condition and 𝑢𝐷 which is the Dirichlet 

boundary condition. 
 

𝑢 = [𝑢𝑁
𝑢𝐷

]    (17) 

 
The governing equation can be written as: 
 

[
𝐾𝑁𝑁 𝐾𝑁𝐷

𝐾𝐷𝑁 𝐾𝐷𝐷
] [𝑢𝑁

𝑢𝐷
] = [𝑅𝑁

𝑅𝐷
]   (18) 

 
The nodal displacement vector can be described as: 
 

𝑢𝐷
𝑖 = 𝑢𝐷

𝑖,0 + ∑ 𝑎𝑘𝑢𝑁
𝑘

𝑘    (19) 

 

It also exists simple and complex boundary conditions where the simple boundary conditions set the 

∑ 𝑎𝑘𝑢𝑁
𝑘

𝑘  part of Equation 19 to a constant and the complex boundary conditions use the full equation 

for the entire analysis (Cervenka, et al., 2020). 
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4.1.4.1 Master slave connection 
 
The master-slave boundary condition is a complex Dirichlet type connection. This boundary condition 
specifies that all available degrees of freedom for a slave node are equal to the degrees of freedom for 
the master node. When there is more than one master node the master nodes are assumed to create a 

finite element and the degrees of freedom for the slave node is assumed to be a node in that element 
(Cervenka, et al., 2020).  
 

4.1.4.2 Interface connection ATENA 
 
The interface connection can be used in ATENA to simulate the connection between two materials 

that are not completely fixed like the master-slave connection type. The Interface is modelled as a 
material and is based on Mohr-Coulomb criterion without tension. The initial failure surface is 
behaving according to Mohr-Coulomb condition in compression and switches to an ellipsoid when in 
tension. If the stresses break the condition the surface collapses to the residual surface, see Figure 45. 
The surface works as dry friction. A more simplified explanation of the connection is that the 
connection doesn’t allow the materials to pass through each other but allows them to slide with some 
friction. 
 
 

 
Figure 45 - Behaviour of the Interface Material Model in Atena (Cervenka, et al., 2020) 

 
 

4.2 Model definition 
 

4.2.1 Geometry 

 

4.2.1.1 Non-linear 
 
The FE-model was created after the drawings presented from Figure 18 to Figure 21. One 
simplification made for the FE-model was that the slope in the longitudinal direction of the slab and the 
slope in the transversal direction on top of the beams are neglected and a constant thickness of 320 mm 
were assumed of the slab and a constant height of 1020 mm for the beam. The geometry and the 
materials for the different parts of the beam are presented in Figure 46. Only one fourth of the bridge 

was modelled because of symmetry. Some information that was missing in the drawings were the stop 
plate that hinders the ballast from falling out, this plate has been modelled with a thickness of 50 mm, 
and the steel plate under the support which helps distribute the load to the concrete from the line 
support condition. This plate was also modelled with a thickness of 50 mm. 
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Figure 46 – Materials for the different parts of the bridge 

The reinforcement was modelled according to the drawings presented in Figure 18, Figure 19 and 
Figure 20. The different materials that were assigned to each bar are presented in Figure 47. The bars 
that are placed on a symmetry plane were multiplied with 0.5 when their area was calculated to hinder 
them from being counted as two bars. These bars are called “@CutPlane” in their name in Figure 47. 
The bar size is also presented in the figure with a diameter between 8 mm and 25 mm. Only one 
fourth of the bridge was modelled because of symmetry. 
 

 
Figure 47 – Reinforcement in the FE-model 

 

4.2.2 Materials 
 

4.2.2.1 Concrete 
 
Since the test on the concrete strength showed that the beam generally had a 10% higher compressive 
and tensile strength, two different materials were generated for the slab and the beam. The parameters 
for respective material that were used for the non-linear analysis in ATENA Science are presented in 
Table 9.  
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Table 9 – Parameters for the concrete used in the FE-model 

 

4.2.2.2 Reinforcement 
 
The reinforcement bars have diameters between 8mm and 25mm, but all are of the same quality, KS40. 
The same parameters were used to all sizes of bars and these parameters are presented in Table 10.  
 

Table 10 – Parameter for the reinforcement used in the FE-model 

 

4.2.2.3 Elastic material 
 
Some elements were modelled using elastic material and these are the rail, the sleepers, the support steel 
plate and the steel plate. Their respective position is presented in Figure 46. This was done to hinder 
these parts of the model to break, mainly the sleepers since the other parts can handle a larger load 
without failing. Steel also has a linear elastic behavior until it starts yielding and all the steel materials are 
assumed to not reach the yielding point and can therefore be modelled as an elastic material. All 
parameters for the elastic materials for the non-linear analysis are presented in Table 11. 

 

Slab Beam

Young's Modulus, E 35200 35200 MPa

Poisson's Ratio, v 0.2 0.2 -

Tension Strength, Ft 3.3 3.6 MPa

Compressive Strength, Fc 72.6 81.9 MPa

Fracture Energy, GF 270 270 N/m

Plastic strain, εcp 0.00070947 0.00070947 -

Onset of crushing, fc0 -10.1 -10.1 MPa

Critical Comp Disp, wd -0.0005 -0.0005 m

Fc,reduction 0.8 0.8 -

Agg size 20 20 mm

Concrete parameters

Young's Modulus 200 000 MPa

Yield strength, f1 440 MPa

ε1 0.0022 -

f2 475.2 MPa

ε2 0.05 -

Reinforcement
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Table 11 - Parameters for the elastic materials used in the FE-model 

 

The concrete was modelled also as elastic materials for the linear analysis of the model, the parts that 
have been changed to elastic materials are the beam and the slab. The parameters for the linear elastic 
concrete are presented in Table 12. 
 

Table 12 – Parameters for the linear elastic concrete 

 
 

4.2.2.4 Soil rock material 
 
The ballast was modelled as the soil rock material in ATENA Science and the parameters that were 
used in the model are presented in Table 13. 
 

Table 13 - Parameters for the Soil-rock material used in the FE-model 

 
 

4.2.2.5 Interface 
 
The Interface material was modelled in the connection between the ballast and the beam, and the 
ballast and the steel plate. The parameters that were used for the ballast are presented in Table 14. 
 

Rail

Young's Modulus, E 210 GPa

Poisson's Ratio, v 0.3

Sleeper

Young's Modulus, E 30 GPa

Poisson's Ratio, v 0.3

Sleel p late

Young's Modulus, E 210 GPa

Poisson's Ratio, v 0.3

Elas tic material parameters

Young's Modulus, E 35200 MPa

Poisson's Ratio, v 0.2

Linear Elastic Concrete

Young's Modulus, E 300 MPa

Poisson's Ratio, v 0.2

Drucker-Prager, αDP 0.12

Drucker-Prager, K 0.0 MPa

Critical Comp Disp wd -0.5 mm

Soil-rock material
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Table 14 - Parameters for the interface used in the FE-model 

 
 
 

4.2.3 Boundary Conditions 
 
Only a quarter of the bridge was modelled because of the symmetry. The symmetry planes can be 
modelled as restrictions for the respective surfaces in the axis they are facing. The restrictions for the 
surfaces are presented in Figure 48 where the yellow color was restricted in the x-direction and the 
green color restricted in the z-direction. 
 

 
Figure 48 - Surface restrictions, yellow color was restricted in x-direction and green color was restricted in z-direction 

 
The support was modelled as a restriction in the y-direction for the inner line of the support according 
to Figure 49 where the green line was the support. The yellow line was restricted in both the x and z 
axis to hinder the edge from moving which can be a problem were two surface restrictions meet.  
 

 
Figure 49 - Restrictions for lines, yellow color was restricted in the z- and x-axis and the green color was restricted in the y-

axis 

Normal Stiffness 2.000E+08 MN/m3

Tangental Stiffness 2.000E+08 MN/m3

Cohesion 1.0 MPa

Friction Coeficient 0.1

Tension Strength 0 MPa

Interface
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Master-slave connections were modelled between the following surfaces: 
 

• Bottom of the slab and the support 

• Top of the slab connected to the ballast and the stop plate 

• The top of the ballast and the bottom of the sleepers 

• The top of the sleepers and the bottom of the rail 
 
A representation of all master-slave connections is presented in Figure 50. 
 

 
Figure 50 – Master-slave connections 

4.2.4 Loads 
 
For this chapter five different models are presented for every tested load distribution. The model that 
has been presented so far is a model with ballast, sleepers and rails. For the four remaining models, no 
ballast, sleepers or rails have been modeled. Instead, the loads were applied directly on-top of the slab to 
simulate the assumed load distribution for the different cases. 
 

4.2.4.1 Full model (Model with ballast, sleepers, and rails) 
 
The first model was the model with ballast, sleepers and rails and this model will from now on be called 
the Full model. The self-weights for this case were applied for the different volumes in the model and 
the assumed weights were as following: 
 

• Ballast 20kN/m3 

• Concrete 25kN/m3 

• Steel 78.5 kN/m3 

 
The weight for sleeper 1E60 is according to SS-EN 13674–1 (2017) 60,21 kg/m which corresponds to 
a heaviness of 78,5kN/m3. The heaviness of reinforced concrete is according to Eurocode 1 (CEN-
1991, 2009) 25 kN/m3 and for the ballast 20kN/m3. A representation of the model with the applied 
self-weights is presented in Figure 51. Note that the stop-plate and the plate under the support has no 
applied self-weight since the support plate doesn’t load the structure and is only there to help applying 

the line support to the concrete. For the plate that keeps the ballast on the bridge, the weight is 
neglectable and since the real dimensions for the plate is unknown the self-weight for the plate was not 
included in the model. 
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Figure 51 –Self-weight for the FE-model 

 
The axle loads from a train were applied as two point-loads in the y-direction according to Figure 52. 
The loads were applied centrically at the top of the rail. The exact positions of the point loads were 
according to the test performed by Paulsson, et al. (1996) on the bridge at Lautajokki and the positions 
are presented in Figure 23. 

 
Figure 52 – Axle loads are applied as point loads on the rail 

 
 

4.2.4.2 Swedish standard 
 
For the model that represents the load distribution after the Swedish standard, TDOK213:026 
(Trafikverket 2019), the self-weight for the concrete was applied with a heaviness of 25kN/m3 
according to Figure 53. Note that no ballast, sleepers or rail was modelled for this case. 
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Figure 53 – Self-weight for the concrete 

 
For the self-weight for the ballast, rails and sleepers the load was assumed to be uniformly distributed. 

The weight from the ballast was calculated according to Equation 20, where ℎ𝑏𝑎𝑙𝑙𝑎𝑠𝑡 is the thickness of 

the ballast layer and 𝜌𝑏𝑎𝑙𝑙𝑎𝑠𝑡 is the heaviness of the ballast. 
 

𝑝𝑏𝑎𝑙𝑙𝑎𝑠𝑡 = ℎ𝑏𝑎𝑙𝑙𝑎𝑠𝑡 ∙ 𝜌𝑏𝑎𝑙𝑙𝑎𝑠𝑡 = 0.4𝑚 ∙
20𝑘𝑁

𝑚3 = 8.00𝑘𝑁/𝑚2  (20) 

 
The weight of the sleepers uniformly distributed on the slab of the bridge was calculated according to 

Equation 21, where 𝑛𝑠𝑙𝑒𝑒𝑝𝑒𝑟 is the total number of sleepers in the FE-model, 𝑤𝑠𝑙𝑒𝑒𝑝𝑒𝑟 is the width of 

one sleeper, ℎ𝑠𝑙𝑒𝑒𝑝𝑒𝑟 is the height of one sleeper, 𝑙𝑠𝑙𝑒𝑒𝑝𝑒𝑟 is the length of one sleeper, 𝐴𝑠𝑙𝑎𝑏 is the area 

of the slab in the z-x direction and 𝜌𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒 is the heaviness of concrete. All the lengths were taken 
from the FE-model, which was the reason for the half sleeper which was modelled in the symmetry 

plane. The heaviness of a sleepers was assumed to be the same as reinforced concrete which is 25kN/m3 
according to Eurocode 1 (SS-EN 1991-1-1, 2009). 
 

𝑝𝑠𝑙𝑒𝑒𝑝𝑒𝑟𝑠 =
𝜌𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒∙𝑛𝑠𝑙𝑒𝑒𝑝𝑒𝑟∙𝑤𝑠𝑙𝑒𝑒𝑝𝑒𝑟∙ℎ𝑠𝑙𝑒𝑒𝑝𝑒𝑟∙𝑙𝑠𝑙𝑒𝑒𝑝𝑒𝑟

𝐴𝑠𝑙𝑎𝑏
=

25𝑘𝑁/𝑚3∙5.5∙0.2𝑚∙0.2𝑚∙1.3𝑚

5.58𝑚2 = 1.28 𝑘𝑁/𝑚2   (21)

  
 
The weight from the rail was added to the model as a uniformly distributed load across the area of the 

slab and this uniformly distributed load was calculated with Equation 22. 
 

𝑝𝑟𝑎𝑖𝑙 =
𝜌𝑠𝑡𝑒𝑒𝑙∙𝐴𝑟𝑎𝑖𝑙

𝑤𝑠𝑙𝑎𝑏
=

78.5𝑘𝑁/𝑚3∗0.00767𝑚2

1.55𝑚
= 0.388𝑘𝑁/𝑚2  (22) 

 
The total load can now be calculated according to Equation 23. 
 

𝑝 = 𝑝𝑏𝑎𝑙𝑙𝑎𝑠𝑡+𝑝𝑠𝑙𝑒𝑒𝑝𝑒𝑟 + 𝑝𝑟𝑎𝑖𝑙 = 8.00 + 1.82 + 0.388 = 9.67𝑘𝑁/𝑚2 = 9.67𝑘𝑃𝑎 (23) 

 
This load was applied as a uniformly distributed load over the entire surface of the slab according to 
Figure 54. 
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Figure 54 – Self-weight from the ballast, sleepers and rail applied as a uniformly distributed load over the entire surface of the 

slab 

The axle loads from the trains were applied on the distributed area according to the Swedish standard, 
TDOK213:026 (Trafikverket 2019), the distribution from the rails to the sleepers are assumed to be 
Q/2 on the sleeper directly below the load and Q/4 on the adjacent sleepers. The load was then 
assumed to be uniformly distributed through the ballast with a distribution slope of 2:1. A 
representation of the distribution through the ballast down on the slab is presented in Figure 55. 
 

 
Figure 55 – Load distribution according to the Swedish design codes (Trafikverket, 2019), the left figure is the load 

distribution longitudinally and the right figure is the load distribution in the transverse direction  

The uniformly distributed loads were modelled in ATENA Science according to Figure 56 where the 
yellow color was the load from the sleepers with a load of Q/2 and the green color was the load from 
the sleepers with a load of Q/4. Note that the sleeper at the symmetry plane in the longitudinal 
direction of the bridge has two Q/2 sleepers adjacent which makes the total load on this sleeper 
Q/4+Q/4=Q/2 as well. 
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Figure 56 – Modelled load distribution according to the Swedish design codes 

4.2.4.3 Eurocode 1 
 

For this load-case the self-weight of the concrete is the exact same as the previous chapter, see Figure 
53, and the self-weight of the ballast, sleepers and rail is also the exact same as the previous chapter and 
applied on the entire surface of the slab according to Figure 54.  
 
The axle loads were also distributed between the sleepers just like the previous case where Q/2 was 

distributed to the sleeper directly below the axle load and Q/4 were distributed to the two adjacent 
sleepers. However, the load distribution slope was steeper, the Swedish standard assumes a load 
distribution of 2:1 and Eurocode 4:1. There is also a difference in the transversal direction where the 
distribution is assumed to start at the end of the sleeper unlike the Swedish standard where it starts a 
small distance under the sleeper. A representation of the load distribution through the ballast according 
to Eurocode 1 (CEN-1991, 2003) is presented in Figure 57. 

 
Figure 57 – Load distribution according to Eurocode 1 (CEN-1991, 2003), lengths are in mm 
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The uniformly distributed loads were modelled in ATENA Science according to Figure 58 where the 
yellow color was the load from the sleepers with a load of Q/2 and the green color was the load from 
the sleepers with a load of Q/4. Note that the sleeper at the symmetry plane in the longitudinal 
direction of the bridge has two Q/2 sleepers adjacent which makes the total load on this sleeper 
Q/4+Q/4=Q/2 as well. 

 

 
Figure 58 – Modelled load distribution in the FE-model according to Eurocode 1 (CEN-1991, 2003) 

 

4.2.4.4 Realistic case 
 
For this load-case the self-weight of the concrete is the exact same as the previous chapter, see Figure 
53, and the self-weight of the ballast, sleepers and rail is also the exact same as the previous chapter and 
applied on the entire surface of the slab according to Figure 54. 
 

The fourth distribution is one that was modelled as close to a real load distribution as possible. 
Andersson (2020) presented a clear load distribution on the slab in both the longitudinal and the 
transversal direction and the transversal distribution had a double parabolic shape. The pressure 
distribution according to Andersson (2020) that was presented in Figure 4 and Figure 9 was therefore 
the fourth distribution to be tested.  
 

Loads can only be modelled as uniformly distributed in ATENA Science and to create a load case with 
the double parabolic shape a simplification must be made where the loads are modelled with many 
uniformly distributed loads with different pressures. The pressure distribution in the transverse direction 
was divided into uniformly distributed loads according to Figure 59. Since the bridge that was tested in 
this thesis is 50mm wider than the one that Andersson (2020) modelled, the curve was continued with 
a continuous slope 50mm to the left of the y-axis in the diagram. 
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Figure 59 – Simplification of the double parabolic load shape gotten from Andersson (2020) to uniformly distributed loads, 

lengths on the horizontal axis are in mm 

The same procedure was performed on the load distribution in the longitudinal direction and the result 
is presented in Figure 60. 

 

 
Figure 60 – Simplification of the longitudinal pressure distribution gotten from Andersson (2020) to uniformly distributed 

loads, lengths on the horizontal axis are in mm 

Since this distribution is wider than the Swedish standard and Eurocode 1 the loads are affecting a 
wider part of the slab than the other two. A representation of the distributed loads on the slab is 
presented in Figure 61. The four grey staples on the right in the figure will be affected by the 
distribution of the third axle load because of the symmetry of the bridge. 
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Figure 61 – Pressure distributions in the longitudinal direction for the Realistic load case, measurements on the horizontal axis 

are in mm 

A plan view of the slab is presented in Figure 62 to clarify how the load have been applied to this 
model with the respective pressure for each area being presented in Table 15. 

 

 
Figure 62 - Plan view of the pressures applied in ATENA for the realistic load case, the measurements are in mm 

 
Table 15 – Values for the applied pressures in Atena for the Realistic load case, values in [MPa] 

 
 
 

1 2 3 4 5 6 7 8 9 10 11

A 0.06 0.17 0.26 0.38 0.26 0.24 0.26 0.44 0.32 0.43 0.35

B 0.14 0.39 0.58 0.85 0.58 0.53 0.58 0.99 0.72 0.97 0.78

C 0.16 0.45 0.68 1.00 0.68 0.62 0.68 1.16 0.84 1.14 0.91

D 0.14 0.39 0.58 0.85 0.58 0.53 0.58 0.99 0.72 0.97 0.78

E 0.12 0.34 0.51 0.74 0.51 0.46 0.51 0.86 0.63 0.84 0.67
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4.2.4.5 Partially distributed 
 
For this load-case the self-weight of the concrete is the exact same as the model after the Swedish 
standard, see Figure 53, and the self-weight of the ballast, sleepers and rail is also the same and applied 
on the entire surface of the slab according to Figure 54. 

 
The fifth load case implemented had the simplification of the transverse load distribution being applied 
as partially uniformly distributed load like AREMA (2010) shown in Figure 6 or Standards Australia 
(2003) shown in Figure 7. For this case the load distribution from AREMA (2010) was chosen. When 
it comes to longitudinal load distribution Profillidis (2006), Lichtberger (2005) and U.S. Army Corps of 
Engineers (2000) suggested that the load distribution from the rail down to the sleepers can be assumed 
to be distributed on more than three sleepers. This was used in this case were the asumtion of load 
distrbition was according to and U.S. Army Corps of Engineers (2000) which is 0.4Q for the sleeper 
under the axle load and 0.2Q for the sleepers adjecant and 0.1Q for the third sleeper on each side. The 
distribution in the ballast was assumed to be 2:1 in the longitudinal direction. The load case in the 

longitdudinal direction is presented to the left in Figure 63 and the distribution in the transverse 
direction was 1/3 of the length of the sleeper, which was calculated with Equation 24 where Lsleeper is 
the length of the sleeper and a representation of the load distribtuion is shown in Figure 63 to the right. 
 

𝐿𝑠𝑙𝑒𝑒𝑝𝑒𝑟

3
=

2600𝑚𝑚

3
= 867𝑚𝑚   (24) 

 

 
Figure 63 –Load distribution in the longitudinal direction to the left and in the transverse direction to the right, lengths are in 

mm 

The modelled pressures in ATENA Science are presented in Figure 64 where the green color was the 
pressure from 0.1Q, the dark blue was from 0.3Q, the yellow was from 0.2Q, the pink was from 0.4Q 
and the light blue was from 0.5Q where Q was one axle load. 



52 
 

 
Figure 64 - Modelled pressures for the Partially distributed load case 

 

4.2.4.6 Summary of different load distributions 
 
The summary of the different load distributions is presented in Table 16. 
 

Table 16 – Summary of the different load distributions 

 
 

4.2.5 Mesh 
 
The mesh size was chosen to be tetrahedral with a mesh size of 0.08 m since finer mesh sizes did not 
change the behavior of the bridge while increasing the number of elements in the model. The increase 

of elements increases the calculation time. 
 

4.2.6 Monitoring points 
The monitors used during the test on the Lautajokki bridge are modelled on the same position in the 

FE-model. Many monitors measured similar values, for example HA and HB whom both measured the 

displacements of the support in the horizontal direction, and to save calculation time only one of the 

two pairs of horizontal monitors have been modelled. The monitors that were modelled are the 

following: 

• HA1, HA2 

• HE1, HE2 

• VA1 and VA2 

• VD, VE, VF and VG 

Model Description

Full model Model with ballast, sleepers and rail

Swedish standard Swedish standard (TDOK 2013:0267 (Trafikverket, 2019))

Eurocode1 European standard (Eurocode 1, (CEN-1991, 2003))

Partially distributed Uniformly distributed load at the ends of the sleeper

Realistic Load distribution after a test performed by Andersson (2020)
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The placements of the monitors are the same as for the test on the Lautajokki bridge and the exact 

placements are presented in Figure 25, Figure 26 and Figure 27. A view over the placements of the 

monitors in FE is presented in Figure 65. 

 

 
Figure 65 - Placements of displacement monitors in the FE-model 

 

4.2.7 Convergence criteria and load-step 
 
The convergence criteria used for the analysis are presented in Table 17. 
. 
 

Table 17 – Convergence criteria’s 

 
 

Three different calculation steps were used in ATENA Science to apply the loads and boundary 
conditions. The first calculations step was used to apply all the boundary conditions to the model. The 
second load step was used to apply all the self-weight and third calculation step was used to apply the 
axle loads, or the distributed loads on the slab that represents the axle loads. More detailed information 
on the calculation steps 2 and 3 is presented in Table 18. 
 

Displacement Error 0.01

Residual Error 0.01

Absolute Residual Error 0.01

Energy Error 0.0001

Negligible Size Relative 0.00001

Convergence Criteria' s
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Table 18 – Calculation steps for all models 

 
 

4.3 Sensitivity analysis 
 
Since the test on the Lautajokki bridge has a lot of unknown variables the process to create the model 
was divided into different steps to check that every part of the bridge worked as intended. The first 
model was developed with only the bridge. No ballast, sleepers or rails were modelled. The fracture 

energy, elastic modulus, tensile capacity of the concrete and the support conditions were altered one at 
a time to find a model that behaved according to the experimental test on the Lautajokki bridge. The 
model was calibrated with the loads of the concrete being applied as a self-weight of 25kN/m3 in 
ATENA while the axle loads and the weight from the ballast, sleepers and rails were applied as a 
uniformly distributed load over the entire surface of the slab. 

 
The parameters that are known from the experimental test have been kept constant during the 
sensitivity analysis of the model and these parameters are:  
 

• All the parameters for the reinforcement 

• Compressive and tensile strengths for the concrete 
 
The monitor point in the middle of the span (VG) was mainly used to calibrate the behavior of the 
bridge until a satisfactory result was obtained. 
 

4.3.1 Fracture energy 
 
The first parameter that was altered was the fracture energy of the concrete, both in the slab and in the 
beam. All other parameters were kept constant for the test and the change in fracture energy showed to 
have a large impact on the stiffness of the bridge. Figure 66 shows the difference in behavior for the 
load deformation chart of the experimental test and for two different FE-models with a Fracture energy 
of 170N/m and 270N/m respectively. The monitors on the experimental test only measured the axle 
load and not the self-weight of the structure. Since the self-weight still affects the bridge, this must be 
applied on the FE-model to get closer case to reality. This is the reason for the curves starting on 

negative values since these values are the deformations and loads from the self-weight of the structure. 
 

Full model Swedish s tandard Eurocode 1 Realis tic case Partially dis tributed

Step 2

Calculation method Newton-Raphson Newton-Raphson Newton-Raphson Newton-Raphson Newton-Raphson

Stiffness  type Tangent predictor Tangent predictor Tangent predictor Tangent predictor Tangent predictor

Iteration lim it 300 300 300 300 300

Interval multip lier 1 1 1 1 1

Number of load s teps 30 30 30 30 30

Step 3

Calculation method Arc-Length Arc-Length Arc-Length Arc-Length Arc-Length

Stiffness  type Elastic predictor Elastic predictor Elastic predictor Elastic predictor Elastic predictor

Iteration lim it 300 300 300 300 300

Interval multip lier 8 8 8 4 8

Number of load s teps 1200 1200 1200 1200 1200
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Figure 66 – Comparison in stiffness between a fracture energy of 170 N/m and 270 N/m 

Increasing the fracture energy also affected the load where the reinforcement starts yielding. A higher 
fracture energy resulted in the reinforcement yielding at a higher load since it required more energy to 
make a crack in the concrete. A fracture energy of 270N/m was finally used for the model and this was 
according to a tensile test that was performed on the concrete on the Lautajokki bridge presented in 
Figure 67. The area in the figure was calculated to be 270N/m and the stiffness of the bridge was very 
close to the experimental test performed by Paulsson, et al. (1996) with this fracture energy. 
 

 
Figure 67 - Tension test on the Lautajokki bridge performed by Paulsson, et al. (1996) 

 

4.3.2 Elastic modulus 
 
Another parameter that was altered was the modulus of elasticity for the concrete. Changing this 
parameter resulted in some changes in the initial stiffness which is expected since the concrete is 
behaving linearly elastic until it starts cracking. This difference was small, and the modulus of elasticity 
had overall a small impact on the behavior of the structure. A plot of the load deformation chart for a 
modulus of elasticity of 35 GPa for both the beam and the slab and 38 GPa for both the beam and the 
slab is plotted in Figure 68, the deformation was measured with the monitor VG for all cases. 
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Figure 68 - Change in Elastic modulus, all parameters are kept constant except the modulus of elasticity 

 

4.3.3 Mesh 
 
A sensitivity mesh analysis was also performed and the same model was tested for mesh sizes of 0.05, 
0.06, 0.07 and 0.08 m. This gave the results presented in Figure 69 which shows that the initial stiffness 
was the same while the stiffness of the model was increased in a small proportion after the change in 
gradient of the curve around 0.6 MN axle load. Otherwise, no large differences in the behavior of the 

models between the different mesh sizes. 
 

 
Figure 69 – Results for the same model with different mesh sizes (0.8m, 0.7m ,0.6m and 0.5m) 
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4.3.4 Support conditions 
 

4.3.4.1 Line support at the middle of the support 
 

The first models had the support as a line restricted in the y-direction in the middle of the support 
according to Figure 70. In reality, this line support condition would lead to the bridge rotating through 
the rubber and support at the inner edge of the support that the bridge was placed on. This line support 
was therefore deemed to being quite unrealistic. The stiffness of the bridge with this support was 
measured with the measuring point VG in the middle of the span and a quite large fracture energy was 
required to get the right stiffness of the bridge.  

 
Figure 70 – Line support modelled in the middle of the support 

 

4.3.4.2 Line support at the inner edge of the support 
 
The line support was tested to be moved to the inner edge of the support to simulate a more realistic 

case where the inner edge no longer would rotate through the rubber and support under the bridge, see  
 Figure 71. This placement of the line support resulted in the stiffness of the bridge being increased 
compared to the previous case where the line support was placed in the middle of the support, a 
comparison between the two cases is presented in Figure 72. All parameters are being kept constant 
between the two models except the placement of the line support condition.  

 

 Figure 71 – Line support condition placed at the inner edge of the support 
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Figure 72 - Difference in stiffness between the position of support condition 

However, the support with the inner line resulted in the entire support being lifted, see Figure 73, and 
the measuring points VA1 and VA2 for the experimental test shows that the outer part of the support 
was lifted while the inner part was compressed. 
 

 
Figure 73 – Rotation at the support measured with sensors VA1 and VA2, FEM plots are for a model with a line support at 

the inner edge, negative values are lifting, and positive values are compression 

Large cracking on the top of the slab close to the support could also be observed and it was also at this 
point the reinforcement first started yielding. There was no documentation of the upper part of the slab 
from the physical test on the Lautajokki bridge performed by Paulsson, et al. (1996) so there is no 
information if there were cracking in this place of the bridge. It is possible that if the support is allowed 
to compress at the inner edge while it rotates, the strain on the concrete can be reduced in this area and 
simulate a more realistic case. A new support condition was therefore tried where the rubber on the 
support was modelled as an elastic material. 
 

4.3.4.3 Support with elastic material as rubber 
 
The bridge was placed on rubber mats at the physical test, and this was modelled in ATENA Science 
using a volume with elastic material that was restricted in the y-direction on the bottom surface. This 
will allow the support to be compressed at the inner edge and lifted at the outer edge, just like the line 

support that was placed in the middle of the support, but with the important difference of the rotation 
being hindered by the modulus of elasticity of the rubber. One problem with this support is that if a 
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master-slave connection is used between the elastic material and the support. The elastic material will 
hinder the lifting of the support as well as the compression which is not very realistic since the rubber 
mats used at the physical test only hinders compression. To test how the bridge would react with a 
compression only a support with a very low elastic modulus was tested, E=20MPa. This resulted in 
both sides of the support being compressed and the cracking of the model instead began at the middle 

of that span and in shear in the beam according to Figure 74. The load-deformation chart at the support 
with the very elastic rubber, measured with sensors VA1 and VA2, is presented in Figure 75. 
 

 
Figure 74 - Compression only support, cracking of the concrete starts as bending cracks in the middle of the span and shear 
cracks in the beam 

 

 
Figure 75 – Compression only support, rubber with the modulus of elasticity of 20 MPa 

However, one problem with the elastic support was that the support in compression only results in a 
less stiff model. To increase the stiffness, the rubber can be modelled with a higher modulus of 
elasticity, but this comes with more problems. With higher modulus of elasticity, the support starts 
lifting at the outer edge. This results in tension stresses in the concrete since the elastic support now 
counteracts the lifting of the support since it works in both tension and compression. This means that 
the cracking on the upper side of the slab at the support becomes a lot worse which can be seen in 
Figure 77. This was also the reason for why the line support at the inner edge was deemed to be 
unrealistic, the deformation for monitors VA1 and VA2 are plotted in Figure 76 and this also shows 
that this support doesn’t have the same behavior as the experimental test performed on the Lautajokki 
bridge.  
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Figure 76 – Deformation E200MPa 

 

 
Figure 77 – Strains and cracking of the concrete, the smallest concrete cracks shown in the figure are 0.1 mm in size 

To avoid the elastic material to hinder the lifting of the support, an interface connection was modelled 
between the elastic material and the support. The interface connection was set to have 0 tensile capacity 
and allow the support to lift. This worked in the calculations for the self-weight with the support being 
allowed to lift at the outer edge, but this model did not converge for the axle loads even with very low 
loads being applied at a time. After some tentative with both Newton-Raphson and Arc-length 
calculation methods, no success was gained in the calculation and the model did not converge. This 
support solution was therefore abandoned. 
 

4.3.4.4 Spring support 
 
Another support tested was a spring over a surface under the support. The same problem was detected 

with this boundary condition as for the elastic support, it had the same hinderance for the lifting of the 
support and the support was still not behaving like the experimental test, see Figure 78 for the load 
displacement chart. The model with a stiffness of E=10 000MPa captured the behavior of the support 

at the breaking point of the model which can be seen in Figure 78 were the load start going down just 
below an axle load of 1.0MN. These models reach their ultimate load at too low axle loads which 
means that this support condition didn’t work. 
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Figure 78 – Monitor VA1 and VA2 that measure the rotation of the support for the spring support condition 

4.3.4.5 Final support 
 
Since the properties of the rubber was unknown and the problems that came with modelling the 
support conditions as elastic materials, the support that was chosen was the one with the line at the 
inner edge. This support had some problems but with the information of the support from the physical 
test being unknown and the other tried support conditions in ATENA Science having even more 
problems the best choice was decided to be to continue with the line support at the inner edge. 
 

4.3.5 Ballast 
 

The next step was to model the ballast, and this was done with the soil rock material in ATENA 
Science. The axle loads were once again applied as a uniformly distributed load but this time on-top of 
the ballast. Different values for the modulus of elasticity were tested for the ballast but this showed to 
have a very small effect on the deformation in the middle of the slab, see Figure 79. 
 

 
Figure 79 - Deformation in the middle of the slab with different modulus of elasticity for the ballast 

 

4.3.6 Sleepers and rail 
 
After the ballast was modelled and its behavior was as expected, the sleepers and the rail were added to 
the model. A profile of 1E60 was imported to GiD to have the right cross section. The rail was 
modelled with the steel modulus of elasticity which was set to 210 GPa. The sleepers were also 

modelled as elastic materials with the cross section of 0.2x0.2 meters according to the Swedish standard, 
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shown in Figure 17. Results showed that the inclusion of sleepers and rails made the structure less stiff 
which is shown in Figure 80 where models are plotted with the exact same parameters except that the 
one that is called ballast has ballast on top of the slab and the axle loads are applied as a uniformly 
distributed load on top of the ballast. This increased the stiffness a bit compared to the model that is 
called no ballast which had no ballast modelled. For the no ballast model, the axle loads are applied as a 

uniformly distributed load on the entire surface of the slab. When the sleepers and rail were included 
(called Ballast, Sleepers and Rail) the load was instead being applied as point loads on the rail with the 
positions according to Figure 23. This resulted in the stiffness going way down compared to the other 
models. This led to the fracture energy having to be increased to regain some of the lost stiffness 
between the models. 
 

 
Figure 80 – Change in stiffness between Axle load and Deformation 

 
The change in rotation of the beams is also interesting since the ballast should stiffen the rotation of the 
beams a bit, this was monitored with monitors HE1 and HE2 and the difference between a model 
without ballast, sleepers and rails a model with ballast, sleepers and rails are shown in Figure 81. 
 

 
Figure 81 – Change in horizontal stiffness for the beams in the middle of the span for a model with ballast, sleepers and rail and 

for a model without ballast, sleepers and rail  
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5 Results and Interpretations 
 

5.1 Load distribution through ballast 
 
The load distribution through the ballast was modelled with the soil rock material in ATENA Science 
and the results showed that the load distribution was not uniform through the ballast. The highest 
pressure was reached directly below the sleepers, both at the top and at the bottom of the ballast, with 
the peak pressure being reached just below the rail seats on the sleepers. Since the point loads were 
placed with a small eccentricity over the sleepers the peak pressure was reached on one side of the 
sleepers which can be seen in Figure 82b. where the blue color is clear. The pressure distribution under 
the ballast also shows that the load distribution had a double parabolic shape where a clear peak of the 
load can be seen under the rail seat on the sleeper, see Figure 82a. 
 
The load distribution from the rails down to the sleepers can also be analyzed, and the assumption that 
half of the load goes to the adjacent sleepers seems to be an accurate assumption. This can be seen with 
the pressure distributions below and above sleepers 3 and 4 which had a smaller distribution compared 

to sleepers 2 and 5 which both had a point load on top of them. The load is getting distributed through 
the ballast and this can be seen when observing the pressures on the top and the bottom of the ballast. 
The pressures were lower on the bottom side of the ballast and the pressure was more evenly 
distributed across the area; the pressure was however not uniform. The shape of the distribution seemed 
to be kept mostly intact through the ballast; the double parabolic shape was still clear on the bottom of 
the ballast even though the pressures were lower. The load spreading in the transversal direction is also 
quite small which can be seen in there being orange and red distributions both below and above the 
ballast.   
 
The sleeper that is numbered 1 can also be observed to have a lower pressure than the rest of the 

sleepers which is very clear from Figure 82a. The sleepers that have a point-load directly above them 
are numbered 2 and 5. One interesting observation is that the sleepers numbered 3 and 4 have larger 
stresses than nr.1. This might indicate that the sleepers 3 and 4 are affected by more than one point-
load, which would indicate that the loads spread to more sleepers than the two adjacent.  
 
 

 
a.   b. 

Figure 82 -Principal stress in a. the bottom of the ballast and b. the top of the ballast 

 
Figure 83 - Principal stress in the ballast connected to the beam and steel plate 
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5.2 Stiffness 
 

This chapter presents the comparison of the different load distributions to find similarities and 
differences in stiffness for the different models. This is done by comparing the different load-
displacement charts. The monitors that measured the vertical deformation in the middle of the span are 

presented for the different load distributions in Figure 84. The results showed that all models were very 
similar in stiffness when comparing the deformations for monitors VD, which was measuring the 
deflection under the beam. The differences between the load distributions increased the closer the 
measuring points were placed to the middle of the slab (monitor VG). The realistic model and the 
model after Eurocode 1 had the load-deformation curve that was the closest to the Full model. 
 

 
a.   b. 

 
c.   d.  

Figure 84 – Load displacement chart for the monitor VG in figure a, VF in figure b, VE in figure c and VD in figure d 

 
The maximum axle load measured during the FE-analysis for each case is presented in Table 19. The 
Partially distributed load had an increased axle load on the last step that was unrealistic (see monitor VE 
in Figure 84), and that last value was therefore excluded from the comparison. A comparison has also 
been made for the different models where their respective max load is compared to the Full model 
which represents the case that is closest to reality with ballast, sleepers and rails. The comparison is 

calculated with Equation 25 where Pm is the maximum axle load from any of the modelled load 
distributions (Swedish standard, Eurocode 1, Partial distributed or Realistic load case) and the Pfm is the 
results from the Full model. 

 

(
𝑃𝑚𝑜𝑑𝑒𝑙

𝑃𝑓𝑚
− 1) ∙ 100   (25) 
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A negative value for the comparison means that the load case had a lower maximum axle load 
compared to the Full model while a positive value means that the load case had a higher maximum 
load. The results show that all models except the Partially distributed case had a lower maximum 
capacity compared to the Full model. The Realistic load case is the one that had the closest maximum 

load compared to the Full model. 
 

Table 19 – Maximum axle loads for all models and the difference of axle load compared to the Full model 

 
 
Monitors HE1 and HE2 measured the deformation of the beam in the transverse, horizontal direction, 
the results for the different load cases are presented in Figure 85. The Full model showed a high stiffness 
which was expected since the ballast was included in this model. The ballast applied pressure on the 

beam which hindered the beam from rotating which increased the stiffness of the structure compared to 
the other models which had no ballast. The Swedish standard had the least stiffness, after that comes the 
model after Eurocode 1, the Realistic load case and lastly the Partially distributed load case which 
actually had a higher stiffness than the Full model for both monitors. This is unexpected since the 
Partially distributed load had no ballast to stiffen up the beams. 
 

 
Figure 85 – Load displacement chart for monitors HE1 and HE2 for all load distributions 

 
The horizontal deformation of the support was measured with the monitors HA1 and HA2 and the 
results are presented in Figure 86.  The values for monitor HA2 were similar for all models. On the 
other hand, for monitor HA1 some differences can be observed, the Partially distributed load was once 
again the stiffest, after that comes the Realistic load case and Eurocode 1 which both had very similar 
stiffnesses. The Swedish standard had a bit lower stiffness compared to the Realistic load case and 

Eurocode 1 but compared to the Full model the stiffness was a bit higher between 0.002 and 0.005m 
and a bit lower after 0.005m. 
 

Load case Max axle loads [MN] Comparison [% ]

Full model 1.80 -

Swedish standard 1.77 -1.5

Eurocode1 1.68 -6.6

Partially distributed 1.85 2.8

Realistic 1.79 -0.4
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Figure 86 - Load displacement chart for monitors HA1 and HA2 for all load distributions 

The vertical deformation of the support was measured with the monitors VA1 and VA2 and the results 
are presented in Figure 87. The results for monitor VA2 were very similar for all models where all of 
them had almost the exact same behavior. For monitor VA1 the Partially distributed load was once 
again the one with the highest stiffness. The load cases Eurocode 1, the Swedish standard and the 
Realistic load case were all having very similar values between 0m and -0.004m and for the last 
deformation the Realistic load case had a bit higher stiffness. The Realistic load case followed the Full 
model the entire distribution while the Swedish standard had a bit lower stiffness at the highest axle 
loads. 
 

 
Figure 87 - Load displacement chart for monitors VA1 and VA2 for all load distributions 

A summary from this chapter is that all the models are close in stiffness. From the load deformation 
chart, it can be observed that the models were closest to each other under the beam (measured with 
VD) and the stiffness of the models differed more at the middle of the slab of the bridge, measured with 
monitor VG. The model with the Realistic load distribution followed the Full model very accurately 

for the monitors VD, VE, VF, VG, HA1 and VA1. The model with the Partially distributed load was 
for every load case stiffer compared to the other models. Both the Swedish and the Eurocode 1 load 
cases followed almost the same pattern, but the model after Eurocode 1 is a little bit stiffer. Both models 

where close to the Full model in stiffness for the monitors VA1, VA2, HA1, HA2 and VD. The 
maximum load for the model after the Swedish code and Eurocode 1 differed however quite a bit 
where the model after the Swedish codes could carry an axle load of 1.77MN compared to the 
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1.68MN that the model after Eurocode 1 could carry. The closest model when it comes to maximum 
load was the Realistic model which was only 0.4% from the Full model. 
 

5.3 Crack patterns 
 
Crack patterns and strains on the bottom of the slab and on the outer side of the beam can be seen in 
Figure 88. All the cases showed clear cracking in both the transversal and longitudinal direction in the 

middle of the slab caused by bending moment. All the models also showed a strain concentration in 
both symmetry planes where the color was clearly greener and even red for the Realistic case. The 
Realistic case also had larger crack patterns in the middle of the span compared the other cases. There 
were also clear bending cracks on the outside of the beam for all cases. Many of the bending cracks on 
the bottom of the slab had almost gone through the entire thickness of the slab which can be seen at 
the symmetry plane in the middle of the span, this showed that the compressive zone is getting smaller 
and smaller for the concrete. From the models a flexure failure mode in the slab was identified which 
agrees with the hand calculations. The strains for all models are compared to the Full model and the 
results are presented in Table 20. This showed that the Partially distributed load was the closest to the 
Full model with the Swedish standard being close behind. Furthest from Full model was the Eurocode 
1 which had a strain that was 25.7% lower, this was probably a reason because of the lower maximum 
load for this model. 
 
 
 

  
a.   b. 

  
c.   d. 
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e. 

Figure 88 – Crack patterns and principal strains on the bottom of the slab and on the beam, the Full model is figure a, Swedish 
code is in figure b, Eurocode 1 is in figure c, Realistic is in figure d and Partially distributed is in figure e 

 
Table 20 - Maximum strains for all models and a comparison between cases with modelled load distribution and the Full 

model, a positive value for the difference means that the model has a higher strain compared to the Full model and a negative 
value means the opposite 

 
 
Crack patterns and strains on the top of the slab are presented in Figure 89 for the different models. All 
models showed clear cracking at the top of the slab at the support. The difference in strains goes from 
11.5 ‰ which was the highest and was measured for the Realistic model to 8.1 ‰ that was the lowest 
and this was measured for the model after Eurocode 1. Percentage wise this resulted in the model after 
Eurocode 1 had a 31% lower strain compared to the Realistic model. All the models also had clear 
bending cracks in both directions in the symmetry planes of the slab. There were also clear cracks that 
went in the z-direction for all the models in the beam in the middle of the span, these seemed to be a 
result of the slabs rotating and the beam counteracting the rotation. 
 

  
a.   b. 

Max strain [-] Difference [% ]

Full model 0.0109

Swedish standard 0.0117 7.3

Eurocode1 0.0081 -25.7

Partially distributed 0.0115 5.5

Realistic 0.0096 -11.9
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  c.   d. 

 
e. 

Figure 89 – Crack patterns and principal strains on the top of the slab and on the beam, the Full model is figure a, Swedish 
code is figure b, Eurocode 1 is figure c, Realistic is figure d and Partially distributed is figure e 

 
 

 
 

5.4 Yielding 
 
This chapter compares the stresses in the reinforcement for the different models. The Swedish model 
started yielding at an axle load of 0.977 MN, the Full model at an axle load of 0.995MN, the Eurocode 
1 at an axle load of 0.998 MN, the Realistic load case at an axle load of 0.943 MN and the Partially 
distributed load at an axle load of 0.973 MN. The stresses in the reinforcement just before the 
respective failure of every load case is presented in Figure 90. First a comparison is made with the 
difference in stresses in the reinforcement just before the point of breaking. The model after the 
Swedish standard and the model with Partially distributed load were the ones that reached the highest 
stress of 448.4 MPa. The lowest stress was measured for Eurocode 1, and this was 444.7 MPa which 

was only 0.83 % lower. The reason for the lower stresses in the reinforcement could be the lower 
ultimate load capacity that the Eurocode 1 had. All the bars in the lower layer for all the models had 
started to yield in the middle of the span for all cases, both in the longitudinal and in the transversal 
direction. The same goes for the bars on the top of the slab over the support where the reinforcement 
for all cases had started to yield. Every load case also showed clear yielding in the bars that goes 

vertically in the beam closest to the slab, one exception was Eurocode 1 which does not have the same 
high stresses in the reinforcement at this point. Overall, the stresses and the stress distribution in the 
reinforcement were very similar for all cases. One observation from the test was that the stresses were 
very well distributed across the entire slab. This resulted in the stresses being very similar in all bars in 
the middle of the span. A comparison was also made between all the models with modelled load 
distributions and the Full model to see how close the modeled distributions were to the real case. This 
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is presented in Table 21 and the difference between the models were just as previously stated very 
small. 
 

Table 21 – Max stress is the reinforcement for respective load case and a comparison between cases with modelled load 
distribution and the Full model, a positive value for the difference means that the model has a higher stress compared to the 

Full model and a negative value means the opposite 

 
 

 
a.   b. 

 

 

c.   d. 

Max stress  [MPa] Difference [% ]

Full model 446.9

Swedish standard 448.4 0.3

Eurocode1 444.7 -0.5

Partially distributed 448.4 0.3

Realistic 446.8 0.0
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e. 
Figure 90 – Stresses in the reinforcement for the different models, the Swedish codes is placed in the top left, the Full model is 

figure a, Swedish code is figure b, Eurocode 1 is figure c, Realistic is figure d and Partially distributed is figure e 

 

5.5 Moments and Shear forces 
 
The moments and shear forces were also documented in the beam and in the slab just before the 

breaking point. The shear forces in the longitudinal direction in the slab is presented in Figure 91, the 
reason for the curves reaching their lowest values around 0.6m is that the support condition was 
modelled at this point. All models followed a very similar shape with similar values. The Swedish 
standard had the lowest extreme value, and the Full model had the highest extreme value which was 
measured around 0.4m which is in the support. The shear forces in the middle of the span were also 
quite small and this can be a result of the forces being distributed in the transverse direction in the 

middle of the span to the beams instead of longitudinally across the slab. 
 

 
Figure 91 – Shear force in the longitudinal direction of the slab 

All models were also be compared to the Full model. The values that were compared is the extreme 
values for each case and the results are presented in Table 22. The results showed that all load cases had 
a larger maximum shear force compared to the Full model. The differences were larger with the 
minimum values, the Swedish model and the Realistic model had a higher minimum shear force while 
Eurocode 1 and the Partially distributed load had lower shear forces. 
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Table 22 – Comparison of extreme values of shear forces in the longitudinal direction of the slab between the modelled load 
distributions and the Full model 

 
 
The shear force distribution in the transverse direction in the slab is presented in Figure 92. All 
distributions, except the Partially distributed load, followed a similar shape. The partially distributed 
load started and ended at similar values as the rest of the load cases but had a much steeper slope, first 
upwards between 0.25m and 1.15m and then downwards between 1.15m and 1.55m. 
 

 
Figure 92 – Shear force in the transversal direction of the slab 

A comparison between the extreme values for the different load cases and the Full model is presented in 
Table 23. The partially distributed load had very similar minimum values as the Full model while all the 

other models had a 15.8-18.1% lower minimum shear force. The maximum shear force is a difficult 
comparison to be made with percentage since the values are so close to zero for many of the models 
but the one that really stands out is the Partially distributed load case which had a maximum shear force 
of 0.265MN. 
 

Table 23 - Comparison of extreme values of shear forces in the transversal direction of the slab between the modelled load 
distributions and the Full model  

 

 
The shear force in the longitudinal direction of the beam is presented in Figure 93. All the distributions 

followed a similar pattern where the maximum value could be found around 1-1.5m. The highest shear 
forces could be found in the Partially distributed load and Eurocode 1 had the lowest values. 
 

Min Shear force [MN] Difference [% ] Max shear force [MN] Difference [% ]

Full model -0.801 - 0.375 -

Swedish standard -0.852 6.3 0.446 18.9

Eurocode1 -0.761 -5.0 0.407 8.5

Partially distributed -0.777 -3.0 0.434 15.8

Realistic -0.818 2.1 0.440 17.4

Min Shear force [MN] Difference [% ] Max shear force [MN] Difference [% ]

Full model -0.817 -0.007

Swedish standard -0.688 -15.8 -0.036 401

Eurocode1 -0.670 -18.1 -0.016 125

Partially distributed -0.823 0.73 0.265 -3786

Realistic -0.678 -17.0 -0.023 216
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Figure 93 – Shear force in the longitudinal direction of the beam 

A comparison of the minimum shear forces in the middle of the span is presented in Table 24. For this 
case the Realistic model had a maximum value that was very close to the Full model. The Swedish 

standard and Eurocode 1 had smaller maximum shear forces while the partially distributed load had a 
larger shear force capacity. 
 
Table 24 - Comparison of extreme values of shear forces in the longitudinal direction of the beam between the modelled load 

distributions and the Full model 

 
 

 
The moments in the longitudinal direction of the beam are presented in Figure 94. All the models 
followed a very similar pattern. The reason for the abrupt change in moment around 0.5m is again 
because of the support condition which made the support behave like a cantilever on the outer edge of 
the support since the line support was applied at the inner line. All moment distributions were very 

close to 0 at the middle of the span and this was probably a result of the loads being distributed 
transversally to the beams and not longitudinally across the slab. 

 

 
Figure 94 – Moments in the longitudinal direction of the slab 

Min Shear force [MN] Difference [% ]

Full model -0.941

Swedish standard -0.886 -5.9

Eurocode1 -0.854 -9.2

Partially distributed -0.978 3.9

Realistic -0.939 -0.2
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A comparison between the extreme values for the modelled distributed loads and the Full model is 
presented in Table 25. The minimum moments showed that all load cases had a lower moment 
capacity compared to the Full model and that the capacities range from 6.1 and 7.7% below the 
capacity of the Full model. When it comes to the maximum capacity the opposite happens where the 

Full model had a lower capacity than all other models. This implies that the ballast influenced the 
distribution of the moments in the slab in the longitudinal direction. The differences were a bit larger 
for the positive moment where the maximum and the lowest moments differ between 2.6 and 12.8%. 
 

Table 25 - Comparison of extreme values of moment in the longitudinal direction of the slab between the modelled load 
distributions and the Full model 

 
 

The moment distribution in the transversal direction of the slab is presented in Figure 95. The highest 
moment was found for the realistic case, but the Swedish standard also has a peak value that was very 
close to this value. The Full model had the lowest value out of every case that was measured at the 
connection to the beam. The moment distributions do not suggest that the slab was entirely fixed to 
the beams since this would result in a moment distribution that had its highest value in the support and 
half of that moment with an opposite sign in the middle of the span. For this case, the moments are 
constantly positive. However, this still showed that there were moments in the connection to the beam 
which means that the slab was not simply supported either, partially fixed is probably a good 

description. The moments were however larger in the transversal direction of the slab compared to the 
longitudinal direction which would indicate that most of the load were being transported to the beams. 
 

 
Figure 95 – Moment in the transversal direction of the slab 

 
A comparison between the extreme values for the modelled distributed loads and the Full model is 
presented in Table 26. The Full model did a clear turn downwards towards the connection to the beam 

and this resulted in the differences of minimum values between the models to be quite large. Every load 
case can however be observed to have larger moments for the entire width compared to the Full 
model, except the Partially distributed load case that took a turn downwards around 0.8m. The 
maximum values showed that both the Swedish and the Realistic load cases had a larger moment 
capacity in this area while Eurocode 1 and the Partially distributed load case had a lower capacity 

compared to the Full model. 

Min Moment [MNm] Difference [% ] Max Moment [MNm] Difference [% ]

Full model -0.217 0.080

Swedish standard -0.202 -6.9 0.087 9.1

Eurocode1 -0.201 -7.4 0.082 2.6

Partially distributed -0.204 -6.1 0.086 7.6

Realistic -0.200 -7.7 0.090 12.8
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Table 26 -Comparison of extreme values of moment in the longitudinal direction of the slab between the modelled load 

distributions and the Full model 

 
 
 
The moment distribution in the longitudinal direction for the beam is presented in Figure 96. All the 
distributions were very close to each other, the highest value was given by the Partially distributed load 
case and the lowest was the load case after Eurocode 1.  
 

 
Figure 96 – Moment in the longitudinal direction of the beam 

A comparison between the extreme values for the load cases and the Full model is presented in Table 
27. The results showed that the Swedish standard was closest to the Full model. Eurocode 1 was the 
only model that had a smaller maximum moment, and the Partially distributed load case had the highest 
moments. 
 

Table 27 - Comparison of extreme values of moment in the longitudinal direction of the slab between the modelled load 
distributions and the Full model 

 
 
A summary of the results from this chapter is presented in Table 28 where the top half of the table is 
shear forces and the bottom half of the table is moments. An average of the different values from Table 

22, Table 23, Table 24, Table 25, Table 26 and Table 27 was calculated to check which model had the 
closest values for shear forces and moment compared to the Full model. This was calculated with 
Equation 26 where the Difference is the values from the Tables 22-27 for respective load case and n is 
the number of values. 
 

∑ 𝐷𝑖𝑓𝑓𝑒𝑟𝑒𝑛𝑐𝑒

𝑛
= 𝐴𝑣𝑒𝑟𝑎𝑔𝑒   (26) 

Min Moment [MNm] Difference [% ]

Full model 1.333

Swedish standard 1.344 0.83

Eurocode1 1.273 -4.5

Partially distributed 1.382 3.7

Realistic 1.370 2.8
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The most extreme maximum and minimum deviations are also presented in Table 28 to easily get a 
view on how much they can differ for the different models compared to the Full model. Some 
deviations were very large when the values for the Full model got close to zero and these extreme 
values were excluded from this comparison. The exact values that were excluded were the minimum 

moment in the longitudinal direction of the slab and the maximum shear force in the transverse 
direction of the slab. The results showed that the Realistic model was the closest to the Full model in 
average shear forces but also that the Swedish load case was close behind. Both cases had an average 
shear force that was higher compared to the Full model. The furthest from the Full model was 
Eurocode 1 which also had an average shear force capacity that was lower than the Full model. For the 
moments, the Partially distributed load case had a moment capacity that was closest to the Full model. 
Both the Swedish standard and Eurocode 1 were a shared second place but with the difference being 

that the Swedish standard had on average a higher maximum moment capacity while the Eurocode 1 
had a lower maximum moment capacity. 

 

Table 28 – Summary of shear forces and moments for the different models compared to the Full model 

 
 

5.6 Comparison to a Linear Elastic analysis 
 
Since preforming a non-linear analysis takes long time it is seldom used as a design method. To 
compare how the results would change, all load cases have also been analyzed using linear elastic 

materials. The moments and shear forces for the linear elastic analysis were analyzed at the same loads as 
the non-linear analysis presented in the last chapter for comparison purposes. Since there were 5 load 
cases and each have 6 different plots this results in 30 different diagrams. Therefore, only one case is 
presented in those cases where the results follow a similar pattern. If some specific case is wanted it can 
be found in Annex 3 – Comparison between linear and non-linear models where all the results are 
presented for every load case. 
 
The comparison for the shear forces in the longitudinal direction of the slab for the load case according 
to the Swedish standard is presented in Figure 97. The change in slope for the shear force around 0.6m 
is because of the support condition that was placed at 0.55m in the model. The linear elastic model 
gave larger values for all the load cases and the largest difference in the negative value was for the 
Partially distributed load case where the linear case has a 9.4% increased shear force. The largest 
difference in the maximum value was for the Full model where the linear model had a 38.2% higher 
maximum shear force compared to the linear model. The model where the difference was the smallest 
for the lowest value was the Swedish standard where the difference was only 4.1% and for the highest 

value as the Swedish standard where the difference was 29.3%. The difference in extreme values 
between the linear and non-linear analyses for all the load cases is presented in Table 29. 
 

Shear force Max deviation [% ] Min deviation [% ] Average [% ]

Swedish standard 18.92 -15.83 0.88

Eurocode1 8.54 -18.08 -5.95

Partially distributed 15.85 -2.96 4.39

Realistic 17.42 -17.04 0.58

Moment Max deviation [% ] Min deviation [% ] Average [% ]

Swedish standard 9.10 -6.92 2.78

Eurocode1 2.62 -7.38 -2.78

Partially distributed 7.58 -6.13 0.82

Realistic 12.78 -7.66 4.61
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Figure 97 – Comparison of shear force between the linear and non-linear model of the Swedish load distribution in the 

longitudinal direction of the slab 

 
Table 29 - Difference between linear and non-linear extreme values (both minimum and maximum) for the shear force 

distribution in the longitudinal direction of the slab for the different load cases 

 
 

Comparison of shear forces between the linear and non-linear model in the transverse direction of the 
slab is presented in Figure 98. In this case the Swedish standard represented the most common shape of 
distribution where the non-linear model gave higher shear forces unlike the longitudinal direction 
where it for every case was the linear model that gave the higher distribution. This might indicate that 
the non-linear method distributed the load slightly differently in the longitudinal and transversal 
directions compared to the linear method. The difference in the lowest extreme values between the 
non-linear and the linear models was for Eurocode 1 where the linear model had a 39.9% lower shear 
force compared to the non-linear model. The smallest difference for the lowest values was for the 
Partially distributed load case where the difference was 29.7%. The difference in highest value was not 
representative on the distribution since many of the max values were very close to zero. The difference 
in minimum values between the linear and non-linear analyses for all load cases is presented in Table 
30. 
 

 
Figure 98 - Comparison of shear force between the linear and non-linear model of the Swedish load distribution and the 

Partially distributed load distribution in the transversal direction of the slab 

 

Dif. Min [% ] Dif. Max [% ]

Full model 6.4 38.2

Swedish standard 4.1 29.3

Eurocode1 8.9 29.4

Partially distributed 9.4 33.9

Realistic 7.8 34.7
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Table 30 - Difference between linear and non-linear minimum values for the shear force distribution in the transversal 
direction of the slab for the different load cases 

 
 

The comparison between the shear forces with the non-linear and linear analyses for longitudinal 
direction of the beam is presented in Figure 99.  All distributions follow the same shape where the 
linear model gave higher values for the shear force closer to the support while the non-linear model 
gave values that were higher closer to the middle of the span. The largest difference between the lowest 
extreme values was measured for Eurocode 1 where the linear load case had a 5.3% larger shear force 
compared to the non-linear load case. The smallest difference was measured for the Full model where 
the same difference was 1.3%. The difference in minimum values between the linear and non-linear 
analyses for all the load cases are presented in Table 31. 
 

 
Figure 99 - Comparison of shear force between the linear and non-linear model of the Swedish load distribution 

 
Table 31 - Difference between linear and non-linear minimum values for the shear force distribution in the longitudinal 

direction of the slab for the different load cases 

 
 

The moment in the longitudinal direction of the slab is presented in Figure 100. For all load cases the 
linear-elastic models gave larger maximum values, for both lower and highest values. A large difference 
between the calculation methods was that the moment for the linear elastic case keeps increasing until it 

gets to the middle of the span while the non-linear models had a moment distribution that decreases 

after 1.2 m, this can be a result of the slabs cracking which forces the loads to be distributed to the 
beams instead. The difference in maximum moment is the largest for the load case after Eurocode 1 
where the linear model had a maximum moment that was 328% greater than the non-linear model. 
The smallest difference in max moments was for the Realistic load case where the difference was 308%. 
The greatest difference for the lowest moment was measured for the Realistic load case where the 
linear model had a 59% lower moment. The smallest difference for the same case was for Eurocode 1 

Dif. Min [% ]

Full model -36.2

Swedish standard -32.7

Eurocode1 -39.9

Partially distributed -29.7

Realistic -36.8

Dif. Min [% ]

Full model 1.3

Swedish standard 4.2

Eurocode1 5.3

Partially distributed 1.7

Realistic 1.9
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where the difference was 48%. The difference in extreme values between the linear and non-linear 
analyses for all the load cases are presented in Table 32. 
 

 
Figure 100 - Comparison of moments between the linear and non-linear model of the Swedish load distribution 

 
Table 32 - Difference between linear and non-linear extreme values (both maximum and minimum) for the moment 

distribution in the longitudinal direction of the slab for the different load cases 

 
 
The moments in the transversal direction of the slab are presented in Figure 101. For all load cases the 
linear elastic model gave a higher value for both the highest and the lowest value. The Swedish model 
gave a good example of how most of the moment charts look like with the linear elastic model 
calculating almost zero moment in the connection between the beam and the slab while the non-linear 
analysis calculating higher moments in the connection. The linear Full model was the only model that 
gave a negative value for the moment in the slab, and it is therefore also shown in Figure 101. The 
difference in extreme values between the linear and non-linear analyses for all the load cases are 
presented in Table 33. 

 
Figure 101 - Comparison of moments in the transverse direction between the linear and non-linear model of the Swedish load 

distribution and the Full model 

Dif. Min [% ] Dif. Max [% ]

Full model 57.7 314

Swedish standard 56.9 322

Eurocode1 48.4 328

Partially distributed 55.9 310

Realistic 59.2 308
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Table 33 - Difference between linear and non-linear extreme values (both maximum and minimum) for the moment 
distribution in the transversal direction of the slab for the different load cases 

 
 

The moment in the longitudinal direction of the beam is presented in Figure 100. All models followed 
the same pattern where the linear analysis gave larger values for the entire length of the span. The 
largest difference for the maximum moment was measured for Eurocode 1 where the linear model had 
9.3% larger values compared to the non-linear model. The smallest difference was measured for the 
Swedish standard where the difference was 6.8%. The difference in extreme values between the linear 
and non-linear analyses for all the load cases are presented in Table 34. 

 

 
Figure 102 - Comparison of moments in the longitudinal direction of the beam between the linear and non-linear model of 

the Swedish load distribution 

Table 34 Difference between linear and non-linear minimum values for the moment distribution in the longitudinal direction 
of the beam for the different load cases 

 
 

A summary from this chapter is that the moment and shear force distribution charts showed how the 
linear elastic load cases obtained a greater distribution in the longitudinal direction of the slab compared 
to the non-linear model. This is shown in the distribution of moments in the transversal and 
longitudinal directions of the slab where the linear model had much greater moments in the 
longitudinal direction while the non-linear model had shear forces in the transversal direction. Overall, 
the elastic analyses gave larger extreme values for both the moments and shear forces, which is 
reassuring since this is the method that is most commonly used for designing structures. The one 

exception is the longitudinal moments for the slab which were greater for the non-linear analysis at the 
connection to the beam compared to the linear one. 

 

  

Dif. Min [% ] Dif. Max [% ]

Full model -237 16.1

Swedish standard -81.5 30.2

Eurocode1 -76.4 30.7

Partially distributed -78.6 13.8

Realistic -80.7 18.6

Dif. Min [% ]

Full model 7.1

Swedish standard 6.8

Eurocode1 9.0

Partially distributed 8.1

Realistic 7.2
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6 Conclusion 
 

The research questions are answered below. 

Which is the load distribution pattern through the ballast of a concrete trough bridge obtained using 

Finite Element Modelling? 

Using FEM, a load distribution was obtained that had a clear double parabolic shape with the peak 
pressure being reached under the rail seats, both at the top and the bottom of the ballast. This means 
that the load distribution is not evenly distributed on the bottom of the ballast like the Swedish design 
codes TDOK 2013:0267 (Trafikverket, 2019) or Eurocode 1 (CEN-1991, 2003) assumes. The pressure 
in the transversal direction had almost no distribution slope and went straight down through the ballast 
from the end of the sleeper. The load distribution in the longitudinal direction was however clearer 

where the load was distributed so that clear pressure increases could be seen on the bottom of the ballast 
even between the sleeper positions. There were higher pressures on the middle of the sleeper compared 
to between sleepers. The peak pressure on the bottom of the ballast was close to half of the peak 
pressure under the sleeper. The results also suggests that the loads distribute to more than the two 
adjacent sleepers from the rails in the longitudinal direction, to which degree is however unclear. 
 
Do different load distributions influence the maximum capacity of the bridge?  

Yes, the different load distributions had different maximum axle loads capacities. The load case that 
carried the largest load was the Partially distributed load according to AREMA (2010) which carried an 
axle load of 1.85MN. All models were also compared to the Full model that represents the real case 
with ballast, sleepers and rails. The Full model could carry an axle load of 1.80 MN, the Realistic case 
an axle load of 1.79, the Swedish standard an axle load of 1.77 MN and lastly Eurocode 1 an axle load 
of 1.68 MN. This means that the Partially distributed load case gives a capacity that is higher compared 

to the Full model. The Realistic case has the capacity that is the closest to the Full model. The realistic 
load case is however not appliable in a practical design since the load distribution is way too 
complicated. The Swedish standard gives a result that is very close to the Full model while being a lot 
easier to calculate. The model after Eurocode 1 is the furthest from the Full model but on the safe side 
since it has a lower capacity, this model is also a lot easier to use in a practical sense when designing 
bridges. The Partially distributed load had a capacity that was higher compared to the Full model which 
means that this calculation load distribution was not on the safe side.  
 
Do different load distributions influence the crack patterns on the bridge?  

The crack patterns were almost the same for every load distribution, the strains had however larger 
differences. All models were compared to the Full model that represents the real case and the furthest 
from this case was Eurocode 1 which had 25 % lower strains, this might be a result of the lower 
maximum capacity for this model. The Partially distributed load gave the closest result which was 5.5% 
higher compared to the Full model, the Swedish standard was close behind with a maximum strain that 
was 7.3% higher compared to the Full model. The Realistic model had a maximum strain that was 

11.9% lower compared to the Full model. 
 
Do different load distributions influence the stresses in the reinforcement?  

The yielding of the reinforcement was not affected by a large degree. All models had very similar max 
stresses for the reinforcement. One difference is that the Eurocode 1 load case had less yielding in the 

beam compared to the other models. The lowest stress was measured for Eurocode 1 and was 
444.7MPa and the highest stress was measured for the Swedish standard and the Partially distributed 
load case to 448.4MPa. The Full model and the Realistic model had a stress of 446.9 MPa. 
 
Do different load distributions influence the stiffness of the bridge?  
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The stiffness of the bridge was impacted by the different load cases. The partially distributed load was 
for every load case the stiffest which makes it stand out compared to the other cases. The Realistic load 
case and Eurocode 1 had the same behavior for every measuring point with almost the exact same 
stiffness. Both these load cases were less stiff compared to the Full model for every measuring point but 
also the load cases that were closest in stiffness. The Swedish standard was the least stiff but was still very 

close to the Realistic model and Eurocode 1. 
 
Do different load distributions influence the moments and shear forces in the bridge?  

The shear forces and moments do change depending on what load distribution is applied on the slab. 
The shear forces and moments were measured in the longitudinal direction of the beam and in both the 
transversal and longitudinal direction of the slab. The results showed that for the different load 
distributions tested, the moments and shear forces were close to the Full model in different points. An 
average deviation of moment and shear forces for the different load distributions was therefore 
calculated so they easily could be compared to the Full model. For the shear forces the Partially 
distributed load case was the closest with an average of 0.58 % higher shear forces compared to the 
Realistic model. The second closest was the Swedish standard that on average had a 0.88% higher shear 
force compared to the Full model. Furthest from the Full model was Eurocode 1 that had an average of 

5.95% lower shear forces. The Realistic model had shear forces that was on average 4.39% higher 
compared to the Full model. 
 
How close were the different load cases to the Full model (with ballast, sleeper and rail)?   

The Swedish standard gave results that generally were close to the Full model.  The results also show 

that the Swedish standard generally had larger capacities compared to the Full model, the only 
exception was the max axle load where it had a 1.5% lower max axle load capacity. The Swedish 
standard was also the second closest to the full model in all tested parameters except for the stiffness.  

 
Furthest from the Full model was Eurocode 1 which had the largest differences in results compared to 
the Full model in every case except for the average moment distribution in the bridge. Eurocode 1 also 
had constantly lower capacities compared to the Full model which means that this model probably 
underestimates the capacity of the bridge. The stiffness of this model was however one of the closest to 
the Full model. 
 
The Partially distributed load case had higher capacities compared to the Full model in every 
measurement. It also had a stiffness that was the stiffest for every measuring point compared to any load 
case. This model can probably overestimate the capacity of the bridge. 
 
The realistic load case is probably the one that was the closest to the Full model since it was the closest 
model to the Full model for the stiffness of the bridge, the maximum load capacity, the max stress in 
the reinforcement and the average shear force in the bridge. The only parameters where it was not the 
closest was for the max strain and for average moment in the bridge. This load distribution is however 

not realistic to use for designing bridges since the pressure distribution is so unnecessarily complex. 
 
How does the non-linear analysis compare to a linear analysis?  

The comparison between the non-linear analysis and the linear analysis showed that the linear analysis 
assumes a greater distribution in the longitudinal direction of the slab compared to the non-linear 

model. This was shown in the distribution of moments in the longitudinal directions of the slab where 
the linear model has much greater moments. Overall, the linear elastic analyses give larger extreme 

values for both the moments and shear forces which is reassuring since this means that these values are 
on the safe side. The one exception is the moments longitudinally for the slab where the moments at 
the connection to the beam was greater for the non-linear analysis compared to the linear one. 
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6.1 Future research 
 
For future research an experimental test of a reinforced concrete trough bridge could help to have a 
better documentation of the exact parameters from the test. This would help develop a model that 

behaves closer to reality than the FE-model did in this case. It would also be helpful if the bridge could 
be loaded until the ultimate load is reached since this also will help calibrate the FE-model. In this thesis 
a lot of assumptions had to be made for the FE-model that could have been avoided if better data 
existed from the experimental tests.  
 
The following data was missing from the experimental test and would make the development of the 
model easier and more accurate. 
 

• The loading of the bridge is continued until the ultimate capacity of the bridge is reached. 

• Measurements of the stresses in the reinforcement in the middle of the slab, to find at what load 
the reinforcement start yielding. 

• Documentation of the cracking of the concrete on the top of the slab after the experimental 
test to check if the concrete cracked at the support. 

• Measurements of the fracture energy and the modulus of elasticity for the concrete. 

• The technical specifications for the rubber that the bridge is standing on, the modulus of 
elasticity and thickness. 

• Measurements of the pressure distribution at the bottom of the ballast during the loading of the 
bridge to check what the load distribution through the ballast is in reality. 

 
There are also more parameters that could be tested with a similar study, like increasing/decreasing the 
ballast dept and see if an increased/decreased ballast dept could reduce the stresses from the axle loads. Is 
there an optimal thickness of the ballast where the pressures on the slab are the lowest? 
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Annex 1 – Drawings of the Lautajokki bridge 
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Annex 2 – Digitalized drawings of the Lautajokki bridge 

Reinforcement specification 

 

Different reinforcement types 
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Annex 3 – Comparison between linear and non-linear models 
Full model 
 

  
Figure 1 - Shear force in the longitudinal direction of the slab to the left and shear force in the transversal direction of the slab 
to the right 

 

  
Figure 2 - Shear force in the longitudinal direction of the beam to the left and moment in the longitudinal direction of the 

beam to the right 

 

  
Figure 3 - Moments in the longitudinal direction of the slab to the left and moments in the transversal direction of the slab to 

the right 
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Swedish standard 
 

   
Figure 4 – Shear force in the longitudinal direction of the slab to the left and shear force in the transversal direction of the slab 
to the right 

 

  
Figure 5 – Shear force in the longitudinal direction of the beam to the left and moment in the longitudinal direction of the 

beam to the right 

 
Figure 6 - Moments in the longitudinal direction of the slab to the left and moments in the transversal direction of the slab to 

the right 

 

Eurocode 1 
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Figure 7 - Shear force in the longitudinal direction of the slab to the left and shear force in the transversal direction of the slab 
to the right 

 

Figure 8 – Shear force in the longitudinal direction of the beam to the left and moment in the longitudinal direction of the 
beam to the right 

  

Figure 9 - Moments in the longitudinal direction of the slab to the left and moments in the transversal direction of the slab to 
the right 

 

Realistic model 
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Figure 10 - Shear force in the longitudinal direction of the slab to the left and shear force in the transversal direction of the slab 
to the right 

 

   
Figure 11 - Shear force in the longitudinal direction of the beam to the left and moment in the longitudinal direction of the 
beam to the right 

  
Figure 12 - Moments in the longitudinal direction of the slab to the left and moments in the transversal direction of the slab to 

the right 

Partially distributed 
 

  
Figure 13 - Shear force in the longitudinal direction of the slab to the left and shear force in the transversal direction of the slab 
to the right 
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Figure 14 - Shear force in the longitudinal direction of the beam to the left and moment in the longitudinal direction of the 
beam to the right 

 

  
Figure 15 - Moments in the longitudinal direction of the slab to the left and moments in the transversal direction of the slab to 
the right 
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Annex 4 - Hand calculations according to BBK 94 
General facts 
 
The design codes have gone through some major changes since the bridge was built in the 1960s, with 
the biggest change being the difference in the shear capacity of the concrete. According to Swedish 
design codes for concrete (1949) the shear capacity of concrete class K40 was 0,85 MPa. This value was 
reduced to 0.5 MPa in 1968 in Sweden when the new standard B 7 (1968) was published. The reason 
for the reduction of the shear strength was mainly because some non-shear reinforced beams failed in 
shear in the United States. BBK 79 (1988) and BBK 94 (1994) reduced the allowed shear strength even 
further down to 0.48 MPa (Fling, McCrate, & Doncaster, 1996). The bridges that were cast before 
1968 has no shear reinforcement since the concrete was assumed to have a greater shear capacity. 
 
This annex presents the calculations done by Paulsson et al. (1996) for the estimation of the capacity of 

the Lautajokki bridge with hand calculations. 

 

Material data used for hand calculations 
 
The material data that was used for the concrete and reinforcement when designing the bridges is 
presented in Table 1 where the left column is the characteristic values, and the right column is the 
design values according to BBK 94 (1994). 
 

Table 1 - Prescribed values of concrete and reinforcement 

 
 
The tested concrete strengths values that the bridge had is presented in Table 2. The concrete 
compressive strength was, as previously mentioned, tested with 100 mm cylinders and the mean value 
of 8 tests is presented. The tensile capacity was tested with a fracture test which measured 4.4 MPa. 
This value is corrected with a multiplication factor of 0.8 to get actual tensile capacity and divided by 
1.07 to account for the smaller diameter of the cylinders (100 mm instead of 150 mm) (Ljungkrantz, 
Möller, & Petersons, 1994).  The capacity of the reinforcement was tested and the yielding point for a 
diameter of 16 mm varied between 413 MPa and 490 MPa (Elfgren, 1972). The mean value from this 
test is used for the hand calculations. 
 

Table 2 - Values from tests 

 

Concrete

fcck [MPa] 28.5 fcc [MPa] 15.8

fctk [MPa] 1.95 fct [MPa] 1.08

Eck [GPa] 32.0 Ec [GPa] 22.2

Reinforcement

fyk [MPa] 400 fst [MPa] 303

fyk [MPa] 385 fst [MPa] 288

Characteris tic Design

Characteris tic Design

Concrete

fcck [MPa] 72.6

fctk [MPa] 3.5

Reinforcement

fyk [MPa] 440
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Main beam 

Prescribed material values 
 
The capacity of the main beams was estimated with a simplified calculation where all of the axle load is 
carried by the beams and all the self-weight is carried by the slab longitudinally (Paulsson, et al., 1996).  
 

𝑀𝑢 = 𝐹𝑠 ∙ 𝑧 = 𝐴𝑠 ∙ 𝑓𝑠𝑡 ∙ 0.9𝑑 = 5400 ∙ 288 ∙ 0.9 ∙ (1.02 − 0.06) = 1.34 𝑀𝑁𝑚 
 
The loads give a maximum moment of: 
 

𝑀𝑚𝑎𝑥 = 2𝑃 ∙ 2.4 − 𝑃 ∙ 1.7 = 3.1𝑃 
 
If the axle loads from the train is only carried by the beams and the self-weight is not accounted for the 
following equation is true. 

2𝑀𝑢 = 𝑀𝑚𝑎𝑥 
 

2 ∙ 1.34 = 3.1𝑃𝑢 → 𝑃𝑢 = 0.87 𝑀𝑁 𝑝𝑒𝑟 𝑎𝑥𝑙𝑒 
 

Real material values 
 
The same calculations but without safety factors and with the tested concrete strengths from Table 2 
gives the following moment capacity in the beams. 
 

𝑀𝑢 = 𝐹𝑠 ∙ 𝑧 = 𝐴𝑠 ∙ 𝑓𝑠𝑡 ∙ 0.9𝑑 = 5400 ∙ 440 ∙ 0.9 ∙ (1.02 − 0.06) = 2.05 𝑀𝑁𝑚 
 
Control that the compression zone in the concrete is sufficient to withstand the crushing of the 
concrete. 

 

𝐴𝑐 =
𝐹𝑐

𝑓𝑐𝑐
=

2.376

72.6
= 0.0327 𝑚2 = 0.4 ∗ 0.08 𝑚2 → 𝑜𝑘, 𝑡ℎ𝑒 𝑟𝑒𝑖𝑛𝑓𝑜𝑟𝑐𝑒𝑚𝑒𝑛𝑡 𝑤𝑖𝑙𝑙 𝑦𝑖𝑒𝑙𝑑 ! 

 
If the load is only carried by the beams and the self-weight is not accounted for the following equation 
is true. 

2 ∙ 𝑀𝑢 = 𝑀𝑚𝑎𝑥 
 

2 ∙ 2.05 = 3.1𝑃 = 𝑃𝑢 = 1.32 𝑀𝑁 
 

The shear capacity was estimated with the assumption that 𝑓𝑣 = 𝑓𝑐𝑡. 
 

𝐹𝑣 = 𝑏𝑑𝑓𝑣 = 0.4 ∙ 0.96 ∙ 3.5 = 1.34 𝑀𝑁 
 

Since there are 4 axles and half of the are carried by one beam the following equation is true.  
 

𝐹𝑣 = 2𝑃𝑢 𝑔𝑖𝑣𝑒𝑠 𝑃𝑢 = 0.67 𝑀𝑁 
 
 

Slab 

Prescribed material values 
 
The capacity of the slab was calculated in the transverse direction, the slab is assumed to be simply 
supported and only supported in the transverse direction of the bridge which means that beam theory is 
used to estimate the capacity (Paulsson, et al., 1996). The total tensile reinforcement area for one meter 
in the middle of the slab in the transverse direction is calculated according to the equation below. 



C 

 

 

10 ∙ 82 ∙ 𝜋 + 2 ∙ 82 ∙ 𝜋 = 2412 𝑚𝑚2 
 
The moment capacity is calculated according to the equation below. 
 

𝑀𝑢 = 𝐹𝑠 ∙ 𝑧 = 2412 ∙ 303 ∙ 0.9 ∙ (0.32 − 0.04) = 184.1 𝑘𝑁𝑚/𝑚 
 
The slab is assumed to be simply supported and this results in the moment capacity is calculated 
according to the equation below. 
 

𝑞𝑢 =
8𝑀𝑢

𝐵2
= 8 ∙

184.1

3.12
= 153.3𝑘𝑁/𝑚2 

 
The shear capacity is calculated according to the equation below. 
 

𝑉𝑐 = 𝑏𝑑𝑓𝑣 
 
Where the shear capacity of the concrete is calculated according to the equations below. 
 

𝑓𝑣 = 𝜉(1 + 50𝜑)0.3𝑓𝑐𝑡 
 

𝜉 = 1.6 − 0.28 = 1.32 
 

𝜑 =
𝐴𝑠

𝑏𝑑
=

2412

1000 ∙ 280
= 0.0086 

 

𝑓𝑣 = 1.32(1 + 50 ∙ 0.0086) ∙ 0.3 ∙ 1.08 = 1.32 ∙ 1.43 ∙ 0.32 = 0.61 𝑀𝑃𝑎 
 
The shear capacity is now calculated with the equation below. 
 

𝑉𝑐 = 𝑏𝑑𝑓𝑣 = 1 ∙ 0.28 ∙ 0.61 = 171 𝑘𝑁 
 
And this corresponds to a uniformly distributed load of: 
 

𝑞𝑢 =
2𝑉𝑐

𝐵
=

2 ∙ 171

3.1
= 110.3 𝑘𝑁/𝑚2  

 
The self-weight of the concrete slab per square can be calculated with the assumed self-weight of 24 
kN/m3. 
 

0.32 ∙ 24 = 7.68 𝑘𝑁/𝑚2 
 
Weight of the ballast per square meter can be calculated with the assumed unit weight of 20 kN/m3. 
 

0.6 ∙ 20 = 14.40 𝑘𝑁/𝑚2 
 
The sum of the self-weight can now be calculated with the equation below. 
 

7.68 + 14.4 = 22.1 𝑘𝑁/𝑚2 
 
The shear capacity is now converted to axle loads. 
 

5(110.3 − 22.1) = 441 𝑁 
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30 ton axle load with the assumption of it being uniformly distributed across the whole slab corresponds 
to a distributed load according to the equation below. 
 

3.1 ∙
1.70 + 1.50

2
= 72.58 𝑘𝑁/𝑚2 

 
 

Real material values 
 
The same calculations as above but with the material values that was measured in the test. 
 

𝑀𝑢 = 𝐹𝑠 ∙ 𝑧 = 2412 ∙ 440 ∙ 0.9 ∙ (0.32 − 0.04) = 267.4 𝑘𝑁𝑚/𝑚 
 

𝑞𝑢 =
8𝑀𝑢

𝐵2
= 8 ∙

267.4

3.12
= 222.6 𝑘𝑁/𝑚2 

 

𝑃𝑢 = 5(222.6 − 22.1) = 1.00 𝑀𝑁 
 
 Shear force capacity with the assumption that fct = fv. 
 

𝑉𝑐 = 𝑏𝑑𝑓𝑣 = 1 ∙ 0.28 ∙ 1.32 ∙ 1.43 ∙ 0.3 ∙ 3.5 = 1 ∙ 0.28 ∙ 1.98 = 550 𝑘𝑁 
 
 
This corresponds to a distributed load of:  
 
 

𝑞𝑢 =
2𝑉𝑐

𝐵
=

2 ∙ 550

3.1
= 358 𝑘𝑁/𝑚2 

 
This distributed load is converted to axle load with the equation below. 
 

𝑃𝑢 = 5(358 − 22) = 1.68 𝑀𝑁 
 
To note with these calculations are that the authors assumed a simply supported slab, they also mention 
that this assumption doesn’t hold true for the real case since the deflection of the slab behaves more like 
the supports were fixed according to elastic behavior (Paulsson, et al., 1996). This shows that the slab is 
close to a fixed support than it is to a simply supported one and the moment would therefore be 
reduced to the first equation below for the span and to the second equation below in the connection 
between the slab and the beam. 
 

𝑀𝑠𝑝𝑎𝑛 =
𝑞 ∙ 𝐵2

24
 

𝑀𝑠𝑢𝑝𝑝𝑜𝑟𝑡 =
𝑞 ∙ 𝐵2

12
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In Sweden, a substantial amount of railway bridges is approaching their intended lifespans and are planned to be replaced. However, it is 

not sustainable neither from a financial nor an environmental perspective to replace these bridges if they are still sound and safe. Thus, an 

evaluation of their actual capacity is required with the aim of extending their lifespans. A way to obtain a more accurate capacity is to 

determine the loads that are acting on them. Available literature points out the lack of experimental investigations on sleeper-ballast contact 

pressure, as well as on the stress distribution along and across the ballast. Consequently, railway bridge design has been based on traditional 

rather than rational assumptions, which can be quite conservative. In this paper, a review of models is carried out for evaluating stress 

patterns on the surface of the slab on ballasted concrete bridges. Then, a simplified finite element model of a concrete trough bridge, a 

common type of structure in Sweden, is used in a parametric analysis aimed to understand how the identified pressure distribution patterns 

affect the performance of this type of structure. Finally, with the purpose of studying how some parameters influence the bridge safety, a 

probabilistic reliability analysis is used. The reliability index beta () is obtained using the polynomial response surface method and its 

value is compared for different boundary condition scenarios. Also, the sensitivity factors for the considered random variables are 

compared and analyzed.  Results show that the assumption of support condition and pressure pattern has a significant impact on the 

capacity, failure mode and probability of failure of this type of structure. 

 

Keywords: ballast, load distribution, trough bridges, pressure patterns, internal forces, reliability analysis.  
 

1. Introduction 

A common construction type among the 

approximately 4,000 railway bridges in Sweden is the 

trough bridge which accounts for around 23% of the railway 

bridge population. The concrete trough bridge is 

constructed as a slab carried by two longitudinal main 

beams, as displayed in Fig. 1. Typically, the structure of a 

reinforced concrete (RC) trough bridge forms a “U-shaped” 

container that is filled by ballast. The ballast serves an 

important function for the structure by supporting the rails 

and the sleepers as well as distributing the traffic loads 

down to the surface of the bridge.  

A factor influencing the capacity of this type of 

structure is the way the loads are distributed through the 

ballast. In this paper, the effect of different load 

distributions was evaluated for the slab of the bridge. 

 
Fig. 1. Model of a typical RC trough bridge.  

In addition, different assumptions of support 

conditions between the main beams and the slab were 

considered to find what effect it has on the development of 

internal forces and failure mode of the structure. A 

reliability analysis was also performed with the aim to 

evaluate the influence of the support conditions and the load 

stress patterns on the slab safety margin. 

2. Factors Influencing Pressure Distribution in Ballast 

Results presented by Aursudkij (2007) showed that the way 

the sleeper was seated in the ballast, as well as the 

compaction of the ballast, were key factors influencing the 

pressure distribution. Another important factor influencing 

the pressure distribution is the use of under sleeper pads 

(USPs) and under ballast mats (UBMs). Navaratnarajah et 

al. (2018) tested the degradation of ballast with and without 

USPs under cyclic loading and found that the ballast with 

USPs had a smaller deformation due to a more uniform load 

distribution through the ballast. Results also showed that the 

pressure is naturally higher in the top layer of the ballast and 

the degradation is therefore the largest there. The test with 

the USPs resulted in less degradation of the ballast in every 

layer with the largest effect being observed in the top layer. 

This agrees with Indraratna et al. (2014) who performed a 
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series of large-scale tests to understand the performance of 

UBMs and USPs. Their findings concluded that both the 

implementation of USPs and UBMs could lead to a 

reduction in stresses between the sleeper and the ballast as 

well as the ballast and the sub-ballast. A reduction in the 

stresses leads to a decrease in the ballast deterioration that 

can subsequently minimize the need for maintenance.  

A more uniform load in the ballast using USPs could 

be the result of the increase in the contact area between the 

sleeper and ballast. Witt (2018) affirmed that the use of 

USPs could increase the contact surface to 30% of the area 

under the sleeper, as opposed to 3-4% which he suggested 

is the normal contact surface. Results provided by 

Andersson (2020) showed that a higher thickness of the 

ballast layer also provides a more uniform pressure 

distribution.  

Sol-Sanchez et al. (2015) concluded that a stiff USP 

reduced vibrations in the track with an increased efficiency 

on frequencies over 40-50 Hz. Softer pads, on the other 

hand, are more useful to increase the flexibility of the track 

and to distribute the loads in the longitudinal direction 

which results in the loads being spread across a larger 

number of sleepers.  

Another parameter affecting the pressure distribution 

in ballast is the ballast material. For instance, Esmaeili et al. 

(2017) performed field tests on steel slag and limestone 

ballast. The results showed that the compressive contact 

pressure between the sleeper and ballast was 1.39 times 

greater for limestone compared to steel slag ballast. Steel 

slag ballast was also found to have a 1.64 times greater rail 

support modulus (i.e., the force required to cause a unit 

deflection) compared to limestone ballast. Consequently, 

this will cause axle loads to be less distributed along the 

track to adjacent sleepers.  

The substructure of the track is also a factor influencing 

the pressure distribution in the ballast. The ballast on top of 

a bridge is stiffer than the ballast that is placed on soil 

because of the difference in substructure stiffness (Paixão et 

al., 2018). This results in stress concentrations in the 

beginning of the bridge, which subsequently leads to more 

degradation in the ballast layer at this point. The authors 

also tested the effect of adding USPs to reduce the ballast 

degradation in the transition zone between two 

substructures with different stiffnesses. The results showed 

that the implementation of USPs reduced the degradation of 

the ballast in the transition zone.  

Improper maintenance may also affect the pressure 

distribution since it can cause uneven stiffness in the ballast 

underneath the sleeper as well as an uneven pressure 

distribution between the sleeper and the ballast (Esveld, 

2001). Maintenance issues may include fouling which is 

described as the filling of ballast voids which can result in a 

stiffer track. Bassey et al. (2020) describe how sources of 

fouling may be either breakage of the ballast particles 

themselves or contaminants that have entered the ballast 

during shipping or its service life. This can for instance be 

the result of degradation in sleepers or other track 

components.  

Nurmikulo (2012) describes how fouling has been 

shown to influence the contact area between the sleeper and 

the ballast as the stresses become more center bound. This 

means that the sleeper lacks support closer to its ends, and 

for severe cases, it may also lack support beneath the rail 

seat. 

Finally, Sadeghi (2005) affirmed that the distribution 

pattern in the ballast was the same for dynamic as for static 

loads. However, the magnitude of the pressure was altered.  

Furthermore, Sadeghi (2005) and Zakeri and Sadeghi 

(2007) concluded that the same behavior was true for 

changes in speed, sleeper type and track stiffness. However, 

a study performed by Sayeed and Shahin (2016) found that 

the use of high-speed trains (approximately 180 m/s) 

resulted in a large difference in vertical displacement 

compared to low-speed trains. 

3. Ballast Pressure Distribution Models 

Pressure distribution patterns in ballast have been difficult 

to establish using field tests. In some guidelines, such as 

Eurocode 1, (CEN-1991), an applied load on a track is 

assumed to be distributed uniformly through the ballast 

layer by a certain distribution angle. However, some 

experimental and numerical studies have concluded that it 

might be unrealistic to assume perfectly uniform 

distribution through the ballast.  

Some numerical analysis through finite element 

modelling has been developed to investigate the distribution 

of pressure in the ballast. A FE-study performed by 

Andersson (2020) on a typical RC trough bridge with 0.6 m 

ballast thickness showed that the pressure distribution in the 

transverse direction had a double parabolic shape. This 

agrees with several other studies that have concluded that 

the distribution pattern might be expressed as a w-shape or 

a double parabolic shape. For instance, Zakeri and Sadeghi 

(2007) as well as Aursudkij (2007) confirmed a non-

uniform contact pressure between the ballast and the sleeper 

and suggested a parabolic shape for the pressure 

distribution.  However, Andersson (2020) also showed that 

the transverse pressure distribution became significantly 

more uniform when using 1.0 m thickness, compared to the 

distribution obtained for a 0.6 m thickness. 

The American Railway Engineering and 

Maintenance-of-Way Association (2010) establishes an 

efficient sleeper/ballast contact surface with a length of one 

third of the total sleeper length beneath the applied load. 

Other guidelines have similar design methods. For example, 

the Australian Standard AS1085.14 defines a similar 

contact area with an efficient length calculated according to 

Eq. (1) (Standards Australia, 2003):  

 

𝐿𝑒𝑓𝑓 = 𝐿𝑠𝑙𝑒𝑒𝑝𝑒𝑟 − 𝑠𝑟𝑎𝑖𝑙                                 (1) 

In Eq. (1), 𝐿𝑒𝑓𝑓  is the efficient length of the contact surface 

between the sleeper and ballast under one rail. Further,  

𝐿𝑠𝑙𝑒𝑒𝑝𝑒𝑟  denotes the total length of the sleeper used on the 

track and 𝑠𝑟𝑎𝑖𝑙  denotes the distance between the rails.  

An additional important aspect of railway bridge 

design is the load distribution of an axle load between 

several sleepers. For instance, Eurocode 1, (CEN-1991) SS-

EN 1991-2 suggests that 50% of an axle load would be 
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transferred to the sleeper directly beneath it, while the 

remaining 50% would be divided equally between the two 

adjacent sleepers. Alternatively, Profillidis (2006) suggests 

that the load would be distributed across 5 sleepers instead. 

The sleeper directly under the axle load is suggested to carry 

40% of the load, the two adjacent sleepers carry 23% each 

and the next two sleepers carry 7% each.  

4. Climate Change Impact on Ballasted Railway 

Structures 

Global warming and climate change are commonly 

associated with high temperatures that cause the melting of 

polar ice caps and subsequent rises in sea level. However, it 

is more seldom associated as a root cause for extreme cold 

weather. As temperatures rise in northern North America 

and northern Eurasia, more heat can be transported into the 

Arctic stratosphere. This causes a phenomenon called 

sudden stratospheric warming to happen more frequently 

which displaces cold air into the mid-latitudes. This 

phenomenon can negatively affect the behavior of ballasted 

structures. Liu et al. (2020a) performed a full-scale test of a 

ballasted railway track inside a test chamber in which the 

temperature and humidity was altered to find how changes 

in these parameters affect the ballast bed resistance. The 

authors concluded that the ballast bed resistance was lower 

in a dry, cold environment as compared to normal 

conditions. Further, a conclusion was made that freezing 

conditions could increase the ballast bed resistance for small 

displacements for the sleeper. However, the bond between 

the particles as well as the bond between the particles and 

the sleeper that was formed by the ice was damaged when 

displacements were larger. This caused the ballast bed 

resistance to decrease. Further, Liu et al. (2020b) performed 

uniaxial compression tests of ballast-ice specimens and 

measured their compressive strengths at different 

temperatures using a temperature-programmable chamber. 

Their findings showed that lower temperatures could 

increase the compressive strength of the ballast. However, 

they also noted that a decreasing temperature made the 

toughness of the material decrease and become more brittle.  

Heaving of the track may also occur in cold regions. 

Generally, this is attributed to frost heave of sub-grade 

material such as wet clay. However, Akagawa et al. (2017) 

performed field- as well as laboratory observations which 

concluded that aged ballast material can contain substantial 

amount of fine, frost heave susceptible material which can 

cause frost heave in the ballast layer under wet conditions.  

It is clear that climate changes can affect drastically 

the durability and performance of ballasted bridges. Further 

research is required on the effect that this might have on the 

distribution of the load on the structure. 

5. FE-Analysis 

In this paper, the non-linear finite element software ATENA 

Science has been used to analyze a one-way RC slab under 

static loading. Different boundary conditions and load 

distribution patterns were evaluated to further understand 

how they affect the internal forces developed in the 

underlying structure. Its geometry is modelled according to 

the old standard drawings for trough bridges defined by the 

earlier Swedish Railroad Authorities. One half of a bridge 

is presented in Fig. 2. and the modeled part is defined with 

red outlines. The reinforcement is presented in Fig. 3. 

 

Fig. 2. Typical RC trough bridge. 

 

 
Fig. 3. Transverse reinforcement of the bridge used for the model. 

5.1. Model definition 

The modelled slab has a transverse span length of 1.55 m 

and symmetry was utilized to simulate the full span length 

of 3.10 m. Further, the geometry was simplified by 

disregarding the slopes in the longitudinal direction and 

instead setting the thickness of the slab to be constant and 

equal to 0.32 m. The simplified model is not connected to 

the bridge in the longitudinal direction. The loads are 

therefore assumed to be carried in the transverse direction 

of the bridge which is the reason why reinforcement is only 

added in this direction for the simplified model. This is in 

accordance with the design of a longer bridge where the 

middle of the slab can be assumed to be one-way supported. 

5.1.1. Support conditions and loads 

An important aspect of trough bridge design is determining 

the degree of restraint between the main beams and the slab. 

To evaluate the influence of different assumptions for the 

boundary conditions in the beam to slab connection, the 

model has been analyzed using simply supported and fixed 

conditions. To simulate simply supported conditions, a plate 

was modelled on which a line support was added according 

to Fig. 4. The line support is constrained in the y- and z-

direction but free to translate in the x-direction which allows 

the structure to rotate around the line support. The plate is 

modelled using an elastic material with a modulus of 

elasticity of 200 GPa. To apply fixed conditions, a surface 

support was added as shown in Fig. 4. The surface was 

constrained in all direction to prohibit rotation. As 

previously stated, the model utilized symmetry. This was 

done by constraining the model surface in the x-direction at 

the location of the symmetry plane (see Fig. 4).   
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Fig. 4. Location of applied support conditions. 

5.1.2. Concrete 

The material model for concrete combines constitutive 

models for both tensile- and compressive behavior. The 

tensile model uses orthotropic, smeared crack formulations 

and employs Rankine failure criterion. The compressive 

model uses the Menétrey–William failure surface. The 

material properties of the concrete were generated 

according to Eurocode 2, (CEN-1992). For all analyses, the 

properties were generated according to concrete quality 

C40/50 since it was commonly used to construct RC trough 

bridges during the 20th century in Sweden. Values for the 

modulus of elasticity, characteristic compressive- and 

tensile strength were equal to 35 GPa, 40 MPa, and 2.5 MPa, 

respectively. Characteristic values were used to simulate a 

general case where the actual material properties of the 

concrete slab might be unknown. 

5.1.3. Reinforcement 

The material used for the reinforcement is based on the 

recommendations provided by Eurocode 2 (CEN-1992). A 

characteristic yield limit of 500 MPa was chosen. The 

reinforcement model allows for a multi-linear 

reinforcement function to be used. The function is divided 

into 4 sections that captures all stages of steel behavior: 

elastic state, yield plateau, hardening, and fracture. The test 

preformed in this paper only used the first two stages. 

Values of the steel modulus of elasticity (Es), yielding stress 

(f1), stress at the end of the yielding plateau (f2), yielding 

strain (ε1), and strain at the end of the yielding plateau (ε2) 

are equal to 200 GPa, 500 MPa, 525 MPa, 0.25%, and 2.5%, 

respectively. 

5.1.4. Pressure distribution patterns 

For each case of boundary condition, three theoretical 

pressure distributions have been assigned to the surface of 

the slab to evaluate their influence on the behavior of the 

structure. In this study, the pressure will be considered 

uniformly distributed (UD) over the entire surface, uniform 

over an efficient length according to Standards Australia 

(2003) (LUD) or distributed as a double parabolic shape 

(DP). Further, this study only includes the load distribution 

in the transverse direction of a railway bridge, and therefore 

the distribution is kept constant in its longitudinal direction. 

The double parabolic shape has been approximated by 

a discretization of the double parabolic curve obtained by 

Andersson (2020). This allows for the maximum pressures 

for the load case to be calculated more easily.   

The efficient length used for LUD case, according to 

Australian standards was calculated using Eq. (1). The 

distance between the rails was set to 1.54 m (Thun et al., 

2000). The total sleeper length was set to 2.25 m which 

gives an efficient length of 0.71 m for the load case. A 

summary of the load cases is presented in Table 1 and the 

load patterns are displayed in Fig. 5. 𝑄𝑚𝑎𝑥  in Fig. 5 denotes 

where the maximum pressures were obtained during the 

analyses for all the defines load cases.  

 

 
Fig. 5. Analyzed stress distribution patterns (units in mm). 

 

Table 1. Evaluated stress pressure distribution patterns. 

Case  Pattern type  Support type 

UD-S UD  Simply supported 

UD-F UD Fixed 

DP-S Double parabola Simply supported 

DP-F Double parabola Fixed 

LUD-S Local UDL  Simply supported 

LUD-F Local UDL Fixed 

5.1.5. Mesh 

For load cases UD-S and UD-F, hexahedral elements were 

used to obtain less time-demanding analyses. The 

sensitivity of the results to the mesh size was studied first. 

Ultimately, 10 elements along the thickness of the beam 

were used for these load cases as further refinement resulted 

in a decreasing influence on the capacity of the structure. 

For instance, for load case UD-F an increase to 12 elements 

per height yielded an approximate increase in ultimate load 

of 6.4% but the analysis became significantly more 

memory-intensive. Tetrahedral elements with a size of 0.04 

m were used for cases DP-S and DP-F while for cases LUD-

S and LUD-F, the selected mesh size was equal to 0.06 m.   

5.1.6. Load steps and measures  

Small load steps were used to gradually increment the 

distributed load until the structure’s failure. This allowed 

the determination of the failure modes for the different load 

cases. The Arc-length numerical method was used, which is 

recommended when having a load-control analysis in 

ATENA. 

For the cases in which fixed supports were used, the 

vertical reaction forces were measured at the fixed surface, 
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and for the simply supported cases they were measured at 

the line support. In all cases the displacement was obtained 

at the mid-span.  

5.2. Results of FE-analysis  

The load-displacement curves for each case are displayed in 

Fig. 6. 

  

Fig. 6. Obtained Load – Displacement curves for all load cases. 

The analysis results showed that different support 

conditions had a significant impact on the behavior of the 

slab, both in terms of maximum pressure, witnessed failure 

mode and mid-span displacement. The pressures were 

calculated by dividing the applied force by the surface area 

on which it is applied. For the double parabolic load cases 

the pressure was only calculated for the discretized element 

which experienced the maximum pressure. Table 2 

summarizes the different ultimate pressures as well as the 

failure modes that were obtained from the analyses.  

Table 2. Ultimate pressures obtained and failure 

modes for all load cases. 

Case 
Max. load 

(kN) 

Max. 

pressure 

(kN/m2) 

Failure mode 

UD-S 523 337 Bending mid-span 

UD-F 829 535 Shear 

DP-S 503 404 Bending mid-span 

DP-F 1661 1334 Bending at support 

LUD-S 526 742 Bending mid-span 

LUD-F 1023 1441 Shear 

5.2.1. Simply supported conditions 

All simply supported load cases displayed propagation of 

large, vertical cracks in the mid-span, suggesting that the 

failure mode was bending. Fig. 7 displays the principle 

strain and the cracking behavior obtained for load case UD-

S.  

 

Fig. 7. Principal strain and cracking behavior at the failure for load 

case UD-S. 

The maximum deviation regarding maximum pressure for 

the simply supported load cases was found between load 

cases LUD-S and UD-S which was calculated to be 120%.  

However, the maximum load deviation found during the 

analyses was small with a maximum value of 4.7% for all 

simply supported load cases and this was measured between 

load cases DP-S and LUD-S. For load cases UD-S and 

LUD-S the difference was less than 1.0%. This suggests that 

the total applied load is what determines failure, rather than 

what load distribution pattern is assumed. 

5.2.2. Fixed support conditions 

Large shear cracks propagated for load cases UD-F and 

LUD-F. This suggests that the structure failed in shear for 

these combinations of support conditions and load 

distributions. Fig. 8 displays the crack pattern and the 

principle strains obtained during the analysis of load case 

LUD-F.  

Ultimate loads for the load cases that had fixed support 

conditions varied significantly. This implies that the 

different load distributions have a large impact on the slabs’ 

capacity if the support is fixed. The load capacity of the slab 

increased by 100% when using the load case DP-F 

compared to load case UD-F.  Similarly, load case LUD-F 

had an increase in load capacity of 23.4% compared to load 

case UD-F. This suggests that it is possible that the 

assumption of uniform distribution might underestimate the 

capacity of this type of structure when the track conditions 

do not allow for a uniform load distribution to develop.  

The maximum pressure deviation for the fixed load 

cases was found between LUD-F and UD-F and was 

measured to be 169%.  The LUD-F load case had an 

ultimate load that is lower than DP-F but higher maximum 

pressure. This might imply that the pressure has a larger 

impact on the capacity of the structure compared to what 

was found for the simply supported load cases.  

However, shear failure was not found to occur for load 

case DP-F which showed little signs of shear crack 

propagation. Instead, large vertical cracks were observed 

near the supported surface as shown in Fig. 9. This suggests 

that the failure mode was due to bending near the fixed 

support which implies that using different load distributions 

have an impact on the failure mode of this type of structure. 
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Fig. 8. Principal strain and cracking behavior at the failure for load 

case LUD-F. 

 

Fig. 9. Principal strain and cracking behavior at the failure for load 

case DP-F. 

5.2.3. Comparison of shear forces and moments 

Fig. 10. displays the shear force diagrams obtained at the 

point of failure for the analyzed cases. An important note is 

that the support conditions for the simply supported cases 

are applied 0.1 m into the slab, which is why the values 

between 0 – 0.1 m are not displayed.  

It is noted that load cases UD-S and DP-S follow a 

very similar pattern through the length of the slab until close 

to the mid-span where UD-S gives a larger shear force. Load 

case LUD-S displays a different pattern with larger 

deviations from the other simply supported cases. The load 

case experiences a steeper curve from approximately 0.4 m 

until 1.1 m into the slab resulting in higher shear forces. 

However, the curve flattened closer to the support and its 

values became more similar compared to other load cases. 

For the load cases with fixed conditions, it is noted that 

load cases DP-F and LUD-F had relatively similar shear 

forces at the ends of the slab, with otherwise quite large 

deviations.  The largest shear force was found close to the 

support which was obtained during the analysis of load case 

DP-F.  

The moments for the fixed and simply supported 

conditions are displayed in Fig. 11 and for the simply 

supported cases, the moment distribution curves were in 

good agreement. The largest deviation was found in load 

case LUD-S, which was found to have a steeper moment 

distribution curve. Similarly to the behavior of the shear 

force curve, this caused the moment to be larger for this load 

case from approximately 0.4 m – 1.1 m compared to load 

cases UD-S and DP-S. In addition, the curve became flatter 

and the lowest mid-span moment was obtained from load 

case LUD-S.  

For the fixed load cases larger deviation were noted. 

LUD-F displayed a higher support moment as well as a 

higher moment at the mid-span compared to UD-F. The 

same behavior was noted for DP-F which displayed the 

largest moments in both the support as well as the mid-span.  

 

Fig. 10. Shear forces at the maximum load for all load cases. 

 

Fig. 11. Moments at the maximum load for all load cases.  

5.3. Comparison to elastic calculations 

To verify how non-linear FEM-analysis compares to linear 

analysis, all load cases were also linearly analyzed. The 

results of the non-linear (NL) and linear (L) analyses are 

compared for each load case using the maximum pressure 

obtained from the non-linear analysis to evaluate the 

influence of the different analysis methods.  

For simply supported cases, the difference between 

maximum moments in the mid-span was between 18 - 23% 

higher for the linear results when compared to the non-linear 

analysis, with the largest difference being obtained from 

load case LUD-S, Fig. 12. The shear forces ranged from 

approximately 3.3% below the non-linear analysis up to 

4.6% above it.  

For the cases with fixed support conditions, the 

difference in maximum moment at the support was between 

24 - 75% higher for the non-linear analyses compared to the 

linear calculations. The largest deviations were found at the 

support for load case UD-F (see Fig. 13). However, the mid-

span moment for the non-linear analysis was in good 

agreement with the linear one, with a deviation of 2.6%. For 

load cases LUD-F and DP-F the deviations in linear mid-

span moment was approximately 22% for both cases 

compared to the non-linear results. It is concluded that for 

these 2 load cases, the moment is distributed differently 

between the linear and the non-linear analysis such that the 

support moment for the non-linear analysis is smaller 

compared to the linear analysis and larger for the mid-span 

moment.  

The deviation for the maximum shear forces obtained 

from linear calculations ranged from 15% - 38% lower 

compared to the non-linear results. In general, the curves for 

linear- and non-linear calculations were in good agreement, 

but for all cases the results diverged near the support. The 

largest deviations were obtained from load case UD-F 

where a spike caused the 38% deviation.   
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Fig. 12. Linear and non-linear moments and shear forces for LUD-

S (left) and LUD-F (right) at their respective ultimate pressures.  

 
Fig. 13. Linear and non-linear moments and shear forces for UD-

S (left) and UD-F (right) at their respective ultimate pressures.  

5.4. Comparison to BBK 94 

Hand calculations according to old Swedish codes (BBK 

94) with the same load case as for the FEM-calculations 

with a uniformly distributed load show that the  simply 

supported slab should be able to carry a load of 192 kN/m2 

before the reinforcement starts yielding in mid-span. The 

calculation for the fixed support is limited by the moment 

in the support with a maximum load of 167 kN/m2. The 

shear capacity is not affected by the support condition with 

a maximum of 142 kN/m2, (i.e., maximum capacity of the 

structure). This differs from the FEM-analyses in which 

bending failure was attained.  

This can be explained by the large safety factors that 

are used for concrete, which decreases the shear strength 

significantly. If the same calculations are done for a simply 

supported load case without the safety factors, both for the 

concrete and the reinforcement, a total load capacity of 255 

kN/m2 is obtained in shear and 253 kN/m2 in moment. This 

shows that if no safety factors are used bending failure in 

the mid- span is more likely to happen than failure in shear.  

The maximum pressures for the load cases LUD and 

DP shows the same pattern where they are limited by the 

shear force capacity which is 309 kN/m2 for LUD and 176 

kN/m2 for DP. When comparing the simple support 

conditions, the limiting pressure for the mid-span moment 

is 419 kN/m2 for load case LUD-S and 227 kN/m2 for load 

case DP-S. For the fixed support the moment capacity is 

limited at the support and the yielding point is reached when 

the pressure for load case LUD-F is 331 kN/m2 and for load 

case DP-F is 196 kN/m2. 

6. Reliability Analysis 

A reliability analysis was performed to see how much the 

safety margin of the structure changes with the different 

boundary conditions and the load pattern distributions. 

From the deterministic analysis, it was obtained that the 

worse-case scenarios for shear and flexure were the cases 

UD-F and DP-S, respectively (see Table 2). Therefore, in 

this study the reliability index β and the probability of 

failure Pf of both cases were calculated.  

The variables considered as random are listed in Table 

3, in which the distribution type and probabilistic 

parameters (mean and variation coefficient) are provided. 

These values were obtained based on the recommendations 

of JCCS (2012) and CEB-FIP (2012). The reliability index 

β and probability of failure Pf were obtained using the 

Response Surface Method (RSM) and are shown in Table 

4. In the RSM, a quadratic polynomial was used to replace 

the original limit-state function G (see Eq. (2)). To calculate 

the design point and β, the Second Order Method (SORM) 

was applied. Through SORM, the sensitivity factors α were 

also calculated.   

 

𝐺 = 𝑃𝑚𝑎𝑥 − 𝑃𝑣𝑒                                (2) 

In Eq. 2, Pmax is the maximum load obtained by FEM 

and Pve is the load based on the demand vehicle load 

specified by Trafikverket (2019) corresponding to the 

vehicle TLM3. It consists of 4 axles with the distances 1.75 

m - 4.9 m -1.75m. The axle load is 350 kN.  

Table 3. Random variables and probabilistic 

parameters. 

Random 

Variable 

Distribution  

type 

Mean 

value 

Variation 

coef. 

f’C (MPa) Log-normal 48.0 0.18 

ft (MPa) Weibull 3.5 0.18 

EC (GPa) Log-normal 36.3 0.15 

Gf (N/m) Weibull 146.5 0.20 

ES (GPa) Log-normal 200 0.03 

AS (mm2) Normal 201.1 0.10 

Pve (kN/m2) Gumbel 168.1 0.25 

Table 4. Reliability analysis results. 

 Reliability 

Index β 

Probability of 

Failure Pf 

UD-F 3.98 3.45e-05 

DP-S 5.24 8.03e-08 

From the reliability results, it can be affirmed that 

considering variations in some material properties as well 

as the loading, the reliability is acceptable if compared with 

the recommended in some guidelines such as JCSS (2012) 

and CEB-FIP (2012) which suggest for ultimate limit state a 

value of 3.7 and 3.8, respectively. Using the results from the 

reliability analysis, the sensitivity factors α obtained 

showed that for case UD-F, concrete properties had higher 

influence (α≈0.8) than the load Pve (α=0.3).  In the other 

hand, for case DP-S, Pve presented a sensitivity factor higher 

(α=0.9) than the concrete properties (α≈0.1). 

If the reliability between cases UD-F and DP-S are 

compared, it can be seen how significantly the value of β 

changed when considering two different types of boundary 

conditions and load pattern distribution.  
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7. Conclusions 

In this paper, the influence of stress pressure patterns on the 

internal forces of slabs of RC trough bridges were analyzed 

by means of simplified non-linear FEM. Results showed 

that the assumption of support condition and load 

distribution has a significant impact on the capacity and 

failure mode of this type of structure. Models in which a 

simply supported condition was used showed a bending 

failure at similar values of ultimate load, irrespectively of 

the load stress pattern. For fixed conditions, a higher 

variation in the ultimate load depending on the type of 

pressure pattern was observed. In addition, depending on 

the type of pressure pattern, the failure mode could vary 

from flexure at the support to shear. Values of ultimate load 

were significantly higher for the case of fixed conditions 

than for simply supported restrains for all the stress pressure 

patterns analyzed. 

It was also observed that the capacity of the slab 

obtained from the FEM was significantly higher than the 

one calculated by means of the structural code used for the 

design of trough bridges during the 20th century.  

Regarding the reliability analysis, it can be concluded 

that depending on the boundary conditions and load pattern 

distribution, the reliability index β and, therefore, the 

probability of failure Pf can change drastically for the 

example studied in this paper. Also, it can be affirmed that 

for the cases in which a flexure failure was obtained, the 

loading showed a higher influence in the safety margin, 

whilst for the shear failure scenario the materials presented 

a higher importance, based on the sensitivity factors 

calculated.  

Results presented in this paper imply that the actual 

capacity of the structure might be higher than expected. 

Therefore, further research is required to determine more 

accurate stress pressure patterns and evaluate the actual 

restrained condition in the beam-slab connection. This will 

facilitate the decision-making process about the 

replacement of such structures. 
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Abstract 

At least 20% of existing railway bridges in Sweden were built using a structural type known as 
reinforced concrete (RC) trough bridge. A typical concrete trough bridge consists in a slab carried by 
two longitudinal main beams. A substantial number of these bridges is getting old and is expected 
to be replaced or intervened soon, which raises significant challenges for engineers who are working 
with the optimization of bridge maintenance. As it is not economically and environmentally 
sustainable to replace all these bridges simultaneously, there is an urging need to assess their 
remaining capacity with the aim of prolonging their service lives. For the case of trough bridges, the 
limited literature on the topic has pointed out the need of research in this topic, as there is a 
significant difference between the capacity predicted by available codes and the obtained 
experimentally. With the aim of getting a better understanding on this issue, a parametric study of 
variables that influence the capacity of these structures is performed via non- linear finite element 
model analysis. First, a review of the Bridge and Tunnel Management database (BaTMan) of railway 
infrastructure in Sweden, owned by the Swedish Administration of Transport, is carried out to gain 
an overview of the current state of the railway bridge population in Sweden, with focus on trough 
bridges. Then, a non-linear finite element model is calibrated using the experimental results 
obtained during the previous testing of a decommissioned trough bridge. Finally, the model is used 
to perform a parametric study where the effect of key mechanical parameters on the capacity of 
trough bridges is studied. 

Keywords: Reinforced concrete, Trough bridges, Finite element analysis, parametric study, Railway 
bridges, BaTMan 

 

Introduction 

Dinas (2017) conducted a survey of European 
bridges which concluded that a considerable 

portion of such bridges are getting old which 
implies the intervention or replacement of these 
structures will be required in the foreseeable 
future. For the case of Sweden, a similar conclusion 



2 

was drawn by Du (2015), which affirmed that the 
country was not exempt of having an aging bridge 
population. This issue raises an important question 
regarding the state of the bridge population and 
encourages the development of research devoted 
to the assessment of the existing bridge stock.  

For the case of Sweden, in the late 19th century, 
railway bridges were commonly constructed using 
steel as they allowed for longer span lengths 
compared to roman masonry arches. During the 
20th century the popularity of concrete as a 
construction material began rising, and today it is 
the most predominant construction material used, 
In fact, concrete accounts for the majority of 
approximately 4000 swedish railway bridges 
according to the Bridge and Tunnel Management 
database (BaTMan, 2021). Among Swedish bridges, 
the reinforced concrete (RC) trough bridge 
represents at least 20% of the bridge population 
(BaTMan, 2021). A trough bridge consists of a slab 
carried between two longitudinal main beams that 
transfer the loads to the supports of the structure 
as shown in Figure 1. The “U-shaped” container 
formed by these structural members allows for 
ballast to be added to the structure which 
distributes the loads from traffic, the sleepers as 
well as the rails to the concrete deck.  

 

Figure 1. Typical RC trough bridge in Sweden. 

Considering the significant proportion of trough 
bridges located in Sweden, current bridge data 
available in BaTMan will be analyzed in this paper. 
In addition, a Finite Element (FE) model is 
developed and calibrated using the experimental 
results of a previously tested trough bridge. The 
model is then modified to evaluate the influence of 
material properties on the behaviour of these type 
of bridges.  

Analysis of BaTMan 

BaTMan is a tool managed by the Swedish 
Administration of Transport (Trafikverket) that is 
used to plan and define the maintenance of 
bridges, tunnels and other types of structures. In 
this paper, information regarding age, material, 
geometry, and state of railway bridges is extracted 
from BaTMan. The information is subsequently 
processed in order to draw conclusion regarding 
these parameters and to obtain an overview of the 
state of railway bridges in Sweden in 2021, with 
focus on trough bridges. 

1.1 Material- and Geometrical data 

The data presented in this paper considers only 
existing railway bridges. The analysis of the 
exported data shows that the most prevalent 
material used for bridge construction in Sweden is 
concrete, constituting approximately 83% of the 
railway bridge population, as expressed above and 
shown in Figure 2. 

 

Figure 2. Material distribution among Swedish 
railway bridges (BaTMan, 2021). 

Table 1 below displays the findings regarding all the 
different identified types of bridge for the building 
materials of Figure 2. The table also summarizes 
the calculated mean age for each material. 

Table 1. Amount and mean age of railway bridges 
in Sweden based on material (BaTMan, 2021). 

Bridge Type 
[-] 

Amount 
[-] 

Ave. Age 
[years] 

Concrete 3347 41.9 

Masonry 119 122.6 

Composite 66 21.7 

Steel 63.4  

Miscellaneous -  

83%

3%

2%

12%

SUMMARY - MATERIALS

Concrete Stone Composite Steel



3 

SUM 4039  

 

Bell (2004) affirmed that 20% of European concrete 
bridges were at least 50 years old. The obtained 
data of this study suggests that 37.3% of concrete 
bridges are this old. In total, 1248 concrete bridges 
were identified as having a structure age over 50 
years old of which 1197 were constructed using 
reinforced concrete. A summary of the age 
distribution for all material types are displayed in 
Figure 3. 

 

Figure 3. Age among materials (BaTMan, 2021). 

From Table 1 and Figure 3, it is concluded that the 
age of steel bridges is relatively high compared to 
other bridge types with an average age of 
approximately 63.4 years. Masonry structures are 
also very old, although this is expected as they 
generally are old roman arch bridges that require 
less maintenance and replacements. It is noted 
that composite bridges generally are younger. 

From the analysis of the database, it was 
concluded that single span bridges are the most 
common type, constituting approximately 76.3% of 
the bridge population. It is clear that masonry and 
concrete bridges are used for shorter span lengths 
compare to steel as well as steel-concrete 
composite bridges, Figure 4. 

 

Figure 4. Span length distribution among the 
identified materials (BaTMan, 2021). 

1.2 Condition 

The Swedish Administration of Transport classifies 
the condition of the different construction 
elements of bridges in 4 different condition classes 
(TK), as seen in Table 2.  

Table 2. Condition classes defined by The Swedish 
Administration of Transport. 

Condition 
Class  

Requirement 

TK 0 Requires maintenance in more than 10 
years to keep its function 

TK 1  Requires maintenance in less than 10 
years to keep its function 

TK 2  Requires maintenance in less than 3 
years to keep its function 

TK 3  Requires maintenance at the time 
of inspection to keep its function 

 

If a bridge has damages that are classified as TK2 
these damages must be addressed before the 
function of the bridge is reduced. When an 
element is classified as TK3, an investigation is 
required as soon as possible to verify that 
the classification was done correctly. The condition 
of the different bridges differentiated by their 
material is presented in Figure 5. 
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For structures in class TK2 and TK3 where more 
pressing repairs are needed, steel bridges are in the 
top of both categories with percentages of 17.2% 
and 3.6%, respectively. The least percentage of 
bridges in TK2 or TK3 is found for concrete with a 
combined value of 7.1%. The severity of bridge 
damages should be correlated to the ages of the 
structures since most of the damages occur over 
time. The steel bridges, which as previously stated 
has the highest number of TK2 and TK3 class 
damages, have a higher average age than 
composite and concrete structures. This could 
explain why these structures have been subjected 
to more severe deterioration and present more 
damage. Masonry structures are older than steel, 
but these are mostly built with short spans and 
with cut masonry placed as roman arches that does 
not require the same amount of maintenance that 
the other types of bridges do.  

It is noted that largest value for class TK0 is for 
composite bridges where 45.5 % of them are in 
good condition. Masonry bridges have the 
largest number of bridges that are classed as TK1, 
amounting to 48.7% of the total. 

The most common types of damage identified to 
structures varies with respect to their materials 

and what condition classes the damages are 
classified as. In Table 3 -  

Table 6, examples of common damage types, 
commonly damaged materials, common reasons 
for damages and commonly damaged structural 
members are displayed for the different materials 
and condition classes. 

Table 3. Common damages, damaged materials 
and reasons for TK0. 

Bridge 
Type 

[-] 

Damage 
[-] 

Material 
[-] 

Part 
[-] 

Concrete 
Tensile 
Cracks 

Concrete Edge Beam 

Masonry Cracks Masonry Arch 

Composite 
Tensile 
Cracks 

Concrete 
Bridge 
Deck 

Steel Corrosion Concrete Front Wall 

 

Table 4. Common damages, damaged materials 
and reasons for TK1. 

Bridge 
Type 

[-] 

Damage 
[-] 

Material 
[-] 

Part 
[-] 

Concrete 
Tensile 
Cracks 

Concrete 
Edge 
Beam 

Masonry Deformation Masonry Arch 

Composite 
Tensile 
Cracks 

Concrete 
Edge 
Beam 

Steel Corrosion Steel Beam 

 

Table 5. Common damages, damaged materials 
and reasons for TK2. 

Bridge 
Type 

[-] 

Damage 
[-] 

Material 
[-] 

Part 
[-] 

Concrete 
Tensile 
Cracks 

Concrete 
Edge 
Beam 

Masonry Deformation Masonry Arch 

Composite Corrosion Multiple Multiple 

Steel Corrosion Steel Beam 

 

Table 6. Common damages, damaged materials 
and reasons for TK3. 

Bridge 
Type 

[-] 

Damage 
[-] 

Material 
[-] 

Part 
[-] 

Concrete Splitting Concrete Multiple 

Masonry Deformation Concrete Multiple 

Composite 
Tensile 
Cracks 

Concrete Edge Beam 

Steel Corrosion Steel Beam 

 

16.0%

40.2%

36.6%

6.9%
0.2%

CONCRETE - STATE

- 0 1 2 3

12.6%

26.1%

48.7%

10.1%
2.5%

STONE - STATE

- 0 1 2 3

16.7%

45.5%

30.3%

6.1%

1.5%

COMPOSITE - STATE

- 0 1 2 3

27.9%

18.2%33.1%

17.2%

3.6%

STEEL - STATE

- 0 1 2 3

Figure 5. Conditions classes among the identified 
materials (BaTMan, 2021). 
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There exist 6 defined regions in Sweden which a 
bridge can belong to; North, Mid, East, West, 
Stockholm and South, Figure 6. 

 

Figure 6. Regions in Sweden defined by 
Trafikverket. 

Table 7 – Table 10 displays the distribution of 
damages based on region and condition class. In 
addition, it is stated what percentage of bridges 
within the region experience that certain type of 
damage. In order to consider that some region 
might have fewer but larger bridges, the amount of 
damages per square meter of bridge is also 
calculated. 
 

Table 7. Damage data based on region and 
condition class TK0. 

TK0 South East West North Stockholm Mid 

% 38.8 28.0 39.7 49.2 26.2 36.2 

Nr. 329 145 391 252 113 265 

TK/m2 38.1 32.6 43.7 41.1 21.5 32.5 

 

Table 8. Damage data based on region and 
condition class TK1. 

TK1 South East West North Stockholm Mid 

% 43.2 34.7 38.8 21.3 39.7 35.5 

Nr. 366 180 382 109 171 260 

TK/m2 42.9 32.5 29.1 30.9 41.3 36.2 

 

Table 9. Damage data based on region and 
condition class TK2. 

TK2 South East West North Stockholm Mid 

% 7.6 5.8 10.4 7.2 8.1 8.7 

Nr. 64 30 102 37 35 64 

TK/m2 8.6 9.2 10.4 11.3 18.1 10.4 

 

Table 10. Damage data based on region and 
condition class TK3. 

TK3 South East West North Stockholm Mid 

% 0.1 0.0 2.4 0.4 0.0 0.1 

Nr. 1 0 24 2 0 1 

TK/m2 0.0 0.0 1.8 0.8 0.0 1.5 

 

Region West contains the larger number of bridges 
in all condition classes. In addition, results show 
that Stockholm has either the largest or second 
largest value per square meter for every category 
although the total number of bridges are relatively 
low. This could be due to Stockholm containing 
larger bridges with respect to total bridge area. 
Percentage wise, as well as in total number, region 
west display largest portion of bridges with 
damages in condition class TK2. For TK1, it is noted 
that the south region has the maximum value 
percentage wise. The west region has the largest 
number of bridges in this condition class. The 
lowest number of bridges is found in region North. 
For TK0 Stockholm display the lowest values in 
every category, which could suggest that bridges in 
Stockholm very seldom only experience structural 
damages in this condition class. With regards to 
percentage, the North region experiences the 
largest value for TK0 damages. In addition, the 
North region experiences the second largest value 
with regards to damages per square meter. 

1.3 Structure Types 

There exist several different structure types in 
Sweden, of which the most common structure 
types are the beam bridge and the slab bridge 
which accounts for 48% and 44% of the bridge 
population respectively, Figure 7. 
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Figure 7. Structure type distribution for Swedish 
railway bridges (BaTMan, 2021). 

Figure 7 displays a broad overview of the structure 
types that exist within the railway system. Different 
types of arch bridges and truss bridges have been 
identified and the total amounts of bridges found 
for all structure types are displayed in Table 11.  

Table 11. Amount of bridges for the structure in 
Swedish railway bridges (BaTMan, 2021). 

Identified Structure Types Summation 
Bridge types 

Arch Bridges 160 

Beam bridge 1937 

Pipe bridge 111 

Slab bridge 1778 

Truss bridge 47 

Trussed Arch bridge 4 

Other 6 

Summation 4039 

 

In addition, 809 bridges among the bridge types 
displayed in Table 11 have been identified as RC 
trough bridges which corresponds to 
approximately 20% of the Swedish railway bridge 
population. Important takeaways of the analysis of 
this bridge type are the following: 

• Average span length: 6.8m 

• Average total structure width: 5.4 m 

• Number of bridges in TK3: 2 (0.2% of all 
Swedish RC trough bridges) 

• Average age: 54.6 years old 

• Most commonly found in region west 
(28.2% of all Swedish RC trough bridges) 

Common damages identified for trough bridges, 
with regards to condition class, are presented in 
Table 12. 

Table 12. Common damages, damaged materials 
and reasons for trough bridges. 

Class Damage Material Reason Part 

TK0 Tensile Cracks Concrete Loading Edge beam 

TK1 Deformation Concrete Environmental Edge beam 

TK2 Deformation Concrete Environmental Edge beam 

TK3 Deformation Concrete Loading Multiple 

 

Data regarding the geographical position of the 
Swedish RC trough bridges is displayed in Table 13. 

Table 13. Damages based on region for RC trough 
bridges. 

TK South East West North Stockholm Mid 

TK0 60 29 66 20 8 44 

TK1 73 69 123 23 22 88 

TK2 16 6 27 3 5 19 

TK3 0 0 2 0 0 0 

FE-analysis 

Current literature regarding Swedish concrete 
bridges have affirmed that the material properties 
of the concrete used during construction have 
increased significantly over time. For instance, 
Thun et al. (2006) tested the material properties of 
20 concrete bridges constructed during the 20th 
century and found that their concrete compressive 
strengths had increased by 70% on average with 
respect to their original design. In addition, 
Paulsson et al. (1996) performed a series of fatigue- 
and static loading tests as well as a test of the 
material properties of the bridge. The specimen 
was a typical Swedish RC trough bridge called 
Lautajokki which had previously been situated on 
the Iron Ore Line before its replacement. The 
results they obtained showed that the concrete 
strength of the bridge had increased which agreed 
with the study performed by Thun et al. (2006). The 
bridge was initially designed to be constructed 
using concrete quality K40 according to the old 
Swedish standard, BBK94 (1994), but the material 
tests showed that the concrete compressive 
strength of the bridge was equivalent of concrete 
quality K80. The characteristic concrete 
compressive strength of quality K40 is 28.5 MPa 
and for K80 it is 56.5 MPa (Trafikverket, 2019). The 
experimentally obtained mean value was however 
72.6 MPa in the slab and 81.9 MPa in the beam. In 
relation to this, Paulsson et al. (1996) also 
concluded that the bridge experienced a 

4%

48%44%

3%
1%

SUMMARY - STRUCTURE TYPES

Arch bridges Beam bridges Slab bridges
Pipe bridges Truss bridges
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significantly higher capacity compared to the 
design axle load of the Iron Ore Line at the time. 
The allowed axle load on the line was 25 tonnes 
and the bridge was loaded by an axle load of 87.5 
tonnes without showing definite signs of yielding or 
structural failure.  

In this study, a FE-model is developed in the FEM 
program ATENA Science according to the 
Lautajokki bridge (Paulsson et al., 1996) in order to 
evaluate the effects of alterations to the concrete 
compressive and tensile properties on RC trough 
bridges. 

1.4 Model Formulation  

The span length of the Lautajokki bridge is 6.1m 
and the width of the slab is 3.1m. In Figure 8, the 
developed FE-model is displayed. Symmetry has 
been utilized at the YZ-plane as well as the XY-plane 
which results in only ¼ of the bridge being 
modelled. 

 

Figure 8. FE-element model of the Lautajokki 
bridge. 

1.5 Support Conditions 

The bridge is supported along a line constraint in 
the y-direction placed on a steel plate with 
modulus of elasticity, E, equal to 200 GPa, Figure 9. 

 

 

Figure 9. Line constraint at support. 

In order to utilize the previously mentioned 
symmetry, surface constraints were added to both 
symmetry planes. The surfaces were constrained in 
the direction perpendicular to the symmetry plane, 

i.e. the surfaces on the symmetry plane XY was 
constrained in Z-direction. At the intersection 
between the two symmetry planes a line constraint 
is added for both directions, Figure 10.  

 

Figure 10. Boundary constraints used to simulate 
symmetry.  

1.6 Concrete 

ATENA uses a material constitutive model called 
CC3DNonLinCementitious2. The material model 
combines both models for tensile- (fracture) and 
compressive behavior (plastic). The tensile model is 
based on Rankine failure criterion and the 
compressive model is based on the Menetrey – 
Williams failure surface. Further, the constitutive 
model employs smeared crack theory which can be 
either implemented using a fixed- or a rotated 
crack model.  

1.7 Reinforcement 

Reinforcement in ATENA can be modelled either as 
discrete bars or smeared reinforcement. As 
displayed in Figure 11, the model used in this 
analysis employs discrete reinforcement. The 
reinforcement used in the Lautajokki bridge were 
ribbed Ks40 bars which have a characteristic yield 
strength of 410 MPa strength (Trafikverket, 2019).  
However, Elfgren (1972) tested the yield strength 
experimentally and obtained a mean value of 440 
MPa which has been used during this analysis.  

The reinforcement in the transversal direction of 
the slab had a diameter of 16 mm with a spacing of 
100mm with eight additional bars with a diameter 
of 16 and the spacing 500mm in the middle of the 
slab. In the longitudinal direction of the slab the 
reinforcement had a diameter of 16 mm with a 
spacing of 200 mm. The beam was reinforced with 
11 bars with a diameter of 25 mm. The modelled 
reinforcement is presented in Figure 11. 
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Figure 11. 3D-view of the reinforcement.  

1.8 Monitoring Points 

Monitoring points were defined according to the 
placement of the Linear Variable Differential 
Transformer (LVDT)’s that were used during the 
monitoring of the Lautajokki bridge, Figure 12. This 
allowed the FE-model to be calibrated according to 
the experimental results.  

 

 

Figure 12. Monitoring points used during the 
analyses. 

1.9 Results 

The analyses have been performed using concrete 
qualities K40, K60 and K80. Table 14 defines the 
properties of these classes defined by Trafikverket 
(2019) as well as the definition of the load cases 
used during the analyses. 

Table 14. Load cases analyzed and their 
corresponding concrete strengths 

Parameter fcc [MPa] fct [MPa] E [MPa] 

K40 28.5 1.95 32.0 

K60 42.5 2.50 36.0 

K80 56.5 2.65 38.5 

1.9.1 Results from Monitoring Points 

Load – Deformation (LD) diagrams were obtained  
to determine the change in total load capacity, 

rotation of the support and rotation of the main 
beams of the structure as a result of changes in 
concrete quality, see Figure 13, Figure 14 and 
Figure 15. 

 

Figure 13. FEM-results obtained for point VG. 

 

Figure 14. Results obtained for point HE1 and HE2. 

 

Figure 15. Results obtained for point HA1 and HA2. 

Figure 13 displays that the stiffness of the structure 
is not significantly altered when the concrete 
quality is increased from K60 to K80. However, 
using K40 seems to have an increased effect on the 
structure stiffness. In addition, the total load 
capacity was found to be increased by 9.4% using 
K60 compared to K40, whereas the increase 
between K60 and K80 was 2.4%. Further, Figure 14 
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and Figure 15 display that an increased concrete 
quality results in lower rotation of the main beams 
at the mid span as well as the bridge near the 
support.  

1.9.2 Failure Mode 

The results obtained from the monitoring points 
showed that the stiffness of the structure reduced 
somewhere between 250 kN – 500 kN for all the 
analyses. This change in stiffness was likely due to 
the appearance of cracks in the structure and 
afterwards the new obtained stiffness was 
maintained until the structure came close to 
failure. All analyses displayed a behaviour where 
the load would stagnate while the displacements 
grew larger, which would suggest that the 
structures failed due to a ductile bending failure. 
This is supported by the fact that the reinforcement 
in the structure had largely started to yield, Figure 
16. 

 

Figure 16. Principle stress in the reinforcement 
obtained at the failure point of the structure. 

As Figure 16 displays, all bending reinforcement 
has started to yield which support that a bending 
failure has occurred. If a shear failure would have 
been prevalent, a significant and sudden drop in 
load would have been expected.  

Summary and Conclusions 

The results of the BaTMan analysis displayed that 
the Swedish railway population is in good shape. A 
total of 30 bridges were identified as having 
structural damages in the most severe condition 
class (TK3) which corresponds to 0.74% of the 
entire Swedish railway population. The same was 
affirmed for RC trough bridges where only 2 
bridges were identified in TK3. It was found that 

steel- and masonry bridges experienced the 
highest average age. In addition, steel- and 
masonry bridges experienced the most and the 
second most damages in TK3 respectively with 
regards to percentage of the material type.   

With regards to the FE-analysis, it is concluded that 
the concrete quality has an impact on the stiffness 
and capacity of RC trough bridges. It was also 
affirmed that this effect was larger when the 
quality was increased from K40 to K60 (9.4% 
increase) compared to an increase from K60 to K80 
(2.4% increase). The failure mode of the structure 
was evaluated, and it was concluded that the 
failure mode for all analyses was a ductile bending 
failure due to the characteristics of the load – 
displacement curve as well as the yielding patterns 
of the reinforcement.  
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